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Preface

This book conforms to the latest recommendations for the design of steel and com-
posite steel-concrete structures as described in Eurocode 3: Design of steel structures
and Eurocode 4: Design of composite steel-concrete structures. References to rele-
vant clauses of the Codes are given where appropriate. Note that for normal steelwork
design, including joints, three sections of EN 1993 are required:

e Part 1-1 General rules and rules for buildings
e Part 1-5 Plated structural elements
e Part 1-8 Design of joints

Additionally if design for cold formed sections is carried out from first principles then
Part 1-3 Cold formed thin gauge members and sheeting is also required.

Whilst it has not been assumed that the reader has a knowledge of structural design,
a knowledge of structural mechanics and stress analysis is a prerequisite. However,
as noted below certain specialist areas of analysis have been covered in detail since
the Codes do not provide the requisite information. Thus the book contains detailed
explanations of the principles underlying steelwork design and provides appropriate
references and suggestions for further reading.

The text should prove useful to students reading for engineering degrees at University,
especially for design projects. It will also aid designers who require an introduction to
the new Eurocodes.

For those familiar with current practice, the major changes are:

(1) There is need to refer to more than one part of the various codes with calculations
generally becoming more extensive and complex.

(2) Steelwork design stresses are increased as the gamma values on steel are taken as
1,0, and the strength of high yield reinforcement is 500 MPa albeit with a gamma
factor of 1,15.

(3) A deeper understanding of buckling phenomena is required as the Codes do not
supply the relevant formulae.

(4) Flexure and axial force interaction equations are more complex, thus increasing
the calculations for column design.

(5) The checking of webs for in-plane forces is more complex.

(6) Although tension field theory (or its equivalent) may be used for plate girders,
the calculations are simplified compared to earlier versions of the Code.

(7) Joints are required to be designed for both strength and stiffness.

(8) More comprehensive information is given on thin-walled sections.
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Principal Symbols

Listed below are the symbols and suffixes common to European Codes

LATIN UPPER AND LOWER CASE

accidental action; area

distance; throat thickness of a weld

bolt force

breadth

outstand

depth of web; diameter

modulus of elasticity

edge distance; end distance

action; force

strength of a material

permanent action; shear modulus of steel
total horizontal load or reaction; warping constant of section
height

radius of gyration

second moment of area

stiffness

length; span; buckling length

effective buckling length; torsion constant; warping constant
bending moment

axial force

number

pitch; spacing

variable action; prying force

uniformly distributed action

resistance; reaction

radius; root radius; number of redundancies
stiffness

staggered pitch; distance; bearing length
torsional moment

S g e wgmﬁ:ZENh»NN-me\ﬁw M X O O R

thickness

e
c

principal major axis

=

principal minor axis
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V' shear force; total vertical load or reaction
v shear stress

W section modulus

w  deflection

GREEK LOWER CASE

coefficient of linear thermal expansion; angle; ratio; factor

angle; ratio; factor

partial safety factor

deflection; deformation

strain; coefficient (235/f,)"/? where f; is in MPa

distribution factor; shear area factor; critical buckling mode; buckling

S ® =R ™R

imperfection coefficient

angle; slope

slenderness ratio; ratio

slip factor

Poisson’s ratio

unit mass; factor

normal stress; standard deviation
shear stress

rotation; slope; ratio

reduction factor for buckling

«LX S 1 QD = xw >

stress ratio

SUFFIXES
Ed design strength
el elastic
f flange
j joint
0 initial; hole
p  plate
pl  plastic

Rd resistance strength
torsion
ultimate strength
shear

X-X axis

t

u

v

w  web; warping
X

y  y-y axis; yield strength
z

z-z axis
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1.1 DESCRIPTION OF STEEL STRUCTURES
1.1.1 Shapes of Steel Structures

The introduction of structural steel, circa 1856, provided an additional building mater-
ial to stone, brick, timber, wrought iron and cast iron. The advantages of steel are high
strength, high stiffness and good ductility combined with relative ease of fabrication
and competitive cost. Steel is most often used for structures where loads and spans
are large and therefore is not often used for domestic architecture.

Steel structures include low-rise and high-rise buildings, bridges, towers, pylons, floors,
oil rigs, etc. and are essentially composed of frames which support the self-weight,
dead loads and external imposed loads (wind, snow, traffic, etc.). For convenience
load bearing frames may be classified as:

(a) Miscellaneous isolated simple structural elements (e.g. beams and columns) or
simple groups of elements (e.g. floors).

(b) Bridgeworks.

(c) Single storey factory units (e.g. portal frames).

(d) Multi-storey units (e.g. tower blocks).

(e) Oilrigs.

A real structure consists of a load bearing frame, cladding and services as shown in
Fig. 1.1(a). A load bearing frame is an assemblage of members (structural elements)
arranged in a regular geometrical pattern in such a way that they interact through struc-
tural connections to support loads and maintain them in equilibrium without excessive
deformation. Large deflections and distortions in structures are controlled by the use
of bracing which stiffens the structure and can be in the form of diagonal structural
elements, masonry walls, reinforced concrete lift shafts, etc. A load bearing steel frame
is idealized, for the purposes of structural design, as center lines representing struc-
tural elements which intersect at joints, as shown in Fig. 1.1(b). Other shapes of load
bearing frames are shown in Figs 1.1 (c) to (e).

Structural elements are required to resist forces and displacements in a variety of ways,
and may act in tension, compression, flexure, shear, torsion or in any combination of
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Dead and snow loading

Pyt

Connection

Services Wind
Load bearing loading
Cladding - frame
Connection
777777, 777777
(a) Real structure (b) Idealized load bearing frame
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connection
/
Bracing
7777777 77

(© (d)

Rigid connection

(e)

FIGURE 1.1 Typical load bearing frames

these forces. The structural behaviour of a steel element depends on the nature of the
forces, the length and shape of the cross section of the member, the elastic properties
and the magnitude of the yield stress. For example a tie behaves in a linear elastic
manner until yield is reached. A slender strut behaves in a non-linear elastic manner
until first yield is attained, provided that local buckling does not occur first. A laterally
supported beam behaves elastically until a plastic hinge forms, while an unbraced
beam fails by elastic torsional buckling. These modes of behaviour are considered in
detail in the following chapters.

The structural elements are made to act as a frame by connections. These are com-
posed of plates, welds and bolts which are arranged to resist the forces involved. The
connections are described for structural design purposes as pinned, semi-rigid and
rigid, depending on the amount of rotation, and are described, analysed and designed
in detail in Chapter 7.
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1.1.2 Standard Steel Sections

The optimization of costs in steel construction favours the use of structural steel elem-
ents with standard cross-sections and common bar lengths of 12 or 15 m. The billets
of steel are hot rolled to form bars, flats, plates, angles, tees, channels, I sections and
hollow sections as shown in Fig. 1.2. The detailed dimensions of these sections are
given in BS 4, Pt 1 (2005), BSEN 10056-1 (1990), and BSEN 10210-2 (1997).

Where thickness varies, for example, Universal beams, columns and channels, sec-
tions are identified by the nominal size, that is, ‘depth x breadth x mass per unit
length x shape’. Where thickness is constant, for example, tees and angle sections,
the identification is ‘breadth x depth x thickness x shape’. In addition a section is
identified by the grade of steel.

To optimize on costs steel plates should be selected from available stock sizes. Thick-
nesses are in the range of 6, 8, 10, 12,5, 15mm and then in 5mm increments.
Thicknesses of less than 6 mm are available but because of lower strength and poorer
corrosion resistance their use is limited to cold formed sections. Stock plate widths
are in the range 1, 1,25, 1,5, 2, 2,5 and 3 m, but narrow plate widths are also available.
Stock plate lengths are in the range 2, 2,5, 3, 4, 5, 6, 10 and 12m. The adoption of
stock widths and lengths avoids work in cutting to size and also reduces waste.

The application of some types of section is obvious, for example, when a member is in
tension a round or flat bar is the obvious choice. However, a member in tension may

— —

Universal Universal Channel Angle Structural tee
beam (UB) column (UC) from UB
Circular Retangular Bars Plate

hollow section hollow section

FIGURE 1.2 Standard steel sections
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be in compression under alternative loading and an angle, tee, or tube is often more
appropriate. The connection at the end of a bar or tube, however, is more difficult
to make.

If a structural element is in bending about one axis then the ‘I’ section is the most
efficient because a large proportion of the material is in the flanges, that is, at the
extreme fibres. Alternatively, if a member is in bending about two axes at right angles
and also supports an axial load then a tube, or rectangular hollow section, is more
appropriate.

Other steel sections available are cold formed from steel plate into a variety of cross
sections for use as lightweight lattice beams, glazing bars, shelf racks, etc. Not all
these sections are standardized because of the large variety of possible shapes and
uses, however, there is a wide range of sections listed in BSEN 10162 (2003). Local
buckling can be a problem and edges are stiffened using lips. Also when used as
beams the relative thinness of the material may lead to web crushing, shear buckling
and lateral torsional buckling. Although the thickness of the material (1-3 mm) is less
than that of the standard sections the resistance to corrosion is good because of the
surface finish obtained by pickling and oiling. After degreasing this surface can be
protected by galvanizing, or painting, or plastic coating. The use in building of cold
formed sections in light gauge plate, sheet and strip steel 6 mm thick and under is dealt
with in BSEN 5950 (2001) and EN 1993-1-1 (2005).

1.1.3 Structural Classification of Steel Sections
(el 5.5. EN 1993-1-1 (2005))

A section, or element of a member, in compression due to an axial load may fail by
local buckling. Local buckling can be avoided by limiting the width to thickness ratios
(b/t; or d/ty) of each element of a cross-section. The use of the limiting values given
in Table 5.2, EN 1993-1-1 (2005) avoids tedious and complicated calculations.

Depending on the b/t or d/t, ratios standard or built-up sections are classified for
structural purposes as:

e Class 1: Low values of b/t; or d/t, where a plastic hinge can be developed
with sufficient rotation capacity to allow redistribution of moments within the
structure.

e Class 2: Full plastic moment capacity can be developed but local buckling may
prevent development of a plastic hinge with sufficient rotation capacity to permit
plastic design.

e Class 3: High values of b/t; and d/t,,, where stress at the extreme fibres can reach
design strength but local buckling may prevent the development of the full plastic
moment.

e Class 4: Local buckling may prevent the stress from reaching the design strength.
Effective widths are used to allow for local buckling (c15.5.2(2), EN 1993-1-1 (2005)).
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1.1.4 Structural Joints (EN 1993-1-8 (2005))

Structural elements are connected together at joints which are not necessarily at the
ends of members. A structural connection is an assembly of components (plates, bolts,
welds, etc.) arranged to transmit forces from one member to another. A connection
may be subject to any combination of axial force, shear force and bending moment
in relation to three perpendicular axes, but for simplicity, where appropriate, the
situation is reduced to forces in one plane.

There are other types of joints in structures which are not structural connections. For
example a movement joint is introduced into a structure to take up the free expan-
sion and contraction that may occur on either side of the joint due to temperature,
shrinkage, expansion, creep, settlement, etc. These joints may be detailed to be water-
tight but do not generally transmit forces. Detailed recommendations are given by
Alexander and Lawson (1981). Another example is a construction joint which is intro-
duced because components are manufactured to a convenient size for transportation
and need to be connected together on site. In some cases these joints transmit forces
but in other situations may only need to be waterproof.

1.2 DEVELOPMENT, MANUFACTURE AND TYPES OF STEEL
1.2.1 Outline of Developments in Design Using Ferrous Metals

Prior to 1779, when the Iron Bridge at Coalbrookdale on the Severn was completed, the
most important materials used for load bearing structures were masonry and timber.
Ferrous materials were only used for fastenings, armaments and chains.

The earliest use of cast iron columns in factory buildings (circa 1780) enabled relatively
large span floors to be constructed. Due to a large number of disastrous fires around
1795, timber beams were replaced by cast iron with the floors carried on brick jack
arches between the beams. This mode of construction was pioneered by Strutt in an
effort to attain a fire proof construction technique.

Cast iron, however, is weak in tension and necessitates a tension flange larger than
the compression flange and consequently cast iron was used mainly for compression
members. Large span cast iron beams were impractical, and on occasions disastrous
as in the collapse of the Dee bridge designed by Robert Stephenson in 1874. The last
probable use of cast iron in bridge works was in the piers of the Tay bridge in 1879 when
the bridge collapsed in high winds due to poor design and unsatisfactory supervision
during construction.

In an effort to overcome the tensile weakness of cast iron, wrought iron was introduced
in 1784 by Henry Cort. Wrought iron enabled the Victorian engineers to produce
the following classic structures. Robert Stephenson’s Brittania Bridge was the first
box girder bridge and represented the first major collaboration between engineer,
fabricator (Fairburn) and scientist (Hodgkinson). I.K. Brunel’s Royal Albert Bridge
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at Saltash combined an arch and suspension bridge. Telford’s Menai suspension bridge
used wrought iron chains which have sine been replaced by steel chains. Telford’s Pont
Cysyllte is a canal aqueduct near Llangollen. The first of the four structures was
replaced after a fire in 1970. The introduction of wrought iron revolutionized ship
building and enabled Brunel to produce the S.S. Great Britain.

Steelwas first produced in 1740, but was not available in large quantities until Bessemer
invented the converter in 1856. The first major structure to use the new steel exclusively
was Fowler and Baker’s railway bridge at the Firth of Forth. The first steel rail was
rolled in 1857 and installed at Derby where it was still in use 10 years later. Cast iron
rails in the same position lasted about 3 months. Steel rails were in regular production
at Crewe under Ramsbottom from 1866.

By 1840 standard shapes in wrought iron, mainly rolled flats, tees and angles, were
in regular production and were appearing in structures about 10 years later. Com-
pound girders were fabricated by riveting together the standard sections. Wrought
iron remained in use until around the end of the nineteenth century.

By 1880 the rolling of steel ‘I’ sections had become widespread under the influence
of companies such as Dorman Long. Riveting continued in use as a fastening method
until around 1950 when it was superseded by welding. Bessemer steel production
in Britain ended in 1974 and the last open hearth furnace closed in 1980. Further
information on the history of steel making can be found in Buchanan (1972), Cossons
(1975), Derry and Williams (1960), Pannel (1964) and Rolt (1970).

1.2.2 Manufacture of Steel Sections

The manufacture of standard steel sections, although now a continuous process, can
be conveniently divided into three stages:

(1) Iron production
(2) Steel production
(3) Rolling.

Iron production is a continuous process and consists of chemically reducing iron ore
in a blast furnace using coke and crushed limestone. The resulting material, called
cast iron, is high in carbon, sulphur and phosphorus.

Steel production is a batch process and consists in reducing the carbon, sulphur and
phosphorus levels and adding, where necessary, manganese, chromium, nickel, van-
adium, etc. This process is now carried out using a Basic Oxygen Converter, which
consists of a vessel charged with molten cast iron, scrap steel and limestone through
which oxygen is passed under pressure to reduce the carbon content by oxidation.
This is a batch process which typically produces about 250-300 tons every 40 min. The
alternative electric arc furnace is in limited use (approximately 5% of the UK steel
production), and is generally used for special steels such as stainless steel.
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From the converter the steel is ‘teemed’ into ingots which are then passed to the rolling
mills for successive reduction in size until the finished standard section is produced.
The greater the reduction in size the greater the work hardening, which produces vary-
ing properties in a section. The variation in cooling rates of different thicknesses intro-
duces residual stresses which may be relieved by the subsequent straightening process.
Steel plate is now produced using a continuous casting procedure which eliminates,
ingot casting, mould stripping, heating in soaking pits and primary rolling. Continuous
casting permits, tighter control, improved quality, reduced wastage and lower costs.

1.2.3 Types of Steel

The steel used in structural engineering is a compound of approximately 98% iron
and small percentages of carbon, silicon, manganese, phosphorus, sulphur, niobium
and vanadium as specified in BS 4360 (1990). Increasing the carbon content increases
strength and hardness but reduces ductility and toughness. Carbon content therefore
is restricted to between 0,25% and 0,2% to produce a steel that is weldable and not
brittle. The niobium and vanadium are introduced to raise the yield strength of the
steel; the manganese improves corrosion resistance; and the phosphorus and sulphur
are impurities. BS 4360 (1990) also specifies tolerances, testing procedure and specific
requirements for weldable structural steel.

Steels used in practice are identified by letters and number, for example, S235 is steel
with a tensile yield strength of 235 MPa (Table 3.1, EN 1993-1-1 (2005)).

1.3 STRUCTURAL DESIGN
1.3.1 Initiation of a Design

The demand for a structure originates with the client. The client may be a private
person, private or public firm, local or national government, or a nationalized industry.

In the first stage preliminary drawings and estimates of costs are produced, followed
by consideration of which structural materials to use, that is, reinforced concrete,
steel, timber, brickwork, etc. If the structure is a building, an architect only may be
involved at this stage, but if the structure is a bridge or industrial building then a civil
or structural engineer prepares the documents.

If the client is satisfied with the layout and estimated costs then detailed design calcula-
tions, drawings and costs are prepared and incorporated in a legal contract document.
The design documents should be adequate to detail, fabricate and erect the structure.

The contract document is usually prepared by the consultant engineer and work is
carried out by a contractor who is supervised by the consultant engineer. However,
larger firms, local and national government, and nationalized industries, generally
employ their own consultant engineer.
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The work is generally carried out by a contractor, but alternatively direct labour
may be used. A further alternative is for the contractor to produce a design and
construct package, where the contractor is responsible for all parts and stages of
the work.

1.3.2 The Object of Structural Design

The object of structural design is to produce a structure that will not become unser-
viceable or collapse in its lifetime, and which fulfils the requirements of the client and
user at reasonable cost.

The requirements of the client and user may include any or all of the following:

(a) The structure should not collapse locally or overall.

(b) It should not be so flexible that deformations under load are unsightly or alarm-
ing, or cause damage to the internal partitions and fixtures; neither should any
movement due to live loads, such as wind, cause discomfort or alarm to the
occupants/users.

(c) Itshould not require excessive repair or maintenance due to accidental overload,
or because of the action of weather.

(d) In the case of a building, the structure should be sufficiently fire resistant to, give
the occupants time to escape, enable the fire brigade to fight the fire in safety and
to restrict the spread of fire to adjacent structures.

The designer should be conscious of the costs involved which include:

(a) The initial cost which includes fees, site preparation, cost of materials and
construction.

(b) Maintenace costs (e.g. decoration and structural repair).

(c) Insurance chiefly against fire damage.

(d) Eventual demolition.

It is the responsibility of the structural engineer to design a structure that is safe and
which conforms to the requirements of the local bye-laws and building regulations.
Information and methods of design are obtained from Standards and Codes of Prac-
tice and these are ‘deemed to satisfy’ the local bye-laws and building regulations. In
exceptional circumstances, for example, the use of methods validated by research or
testing, an alternative design may be accepted.

A structural engineer is expected to keep up to date with the latest research informa-
tion. In the event of a collapse or malfunction where it can be shown that the engineer
has failed to reasonably anticipate the cause or action leading to collapse, or has failed
to apply properly the information at his disposal, that is, Codes of Practice, British
Standards, Building Regulations, research or information supplied by the manufac-
turers, then he may be sued for professional negligence. Consultants and contractors
carry liability insurance to mitigate the effects of such legal action.
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1.3.3 Limit State Design (cl 2.2, EN 1993-1-1 (2005))

It is self-evident that a structure should be ‘safe’ during its lifetime, that is, free from
the risk of collapse. There are, however, other risks associated with a structure and the
term safe is now replaced by the term ‘serviceable’. A structure should not during its
lifetime become ‘unserviceable’, that is, it should be free from risk of collapse, rapid
deterioration, fire, cracking, excessive deflection, etc.

Ideally it should be possible to calculate mathematically the risk involved in struc-
tural safety based on the variation in strengths of the material and variation in the
loads. Reports, such as the CIRIA Report 63 (1977), have introduced the designer
to elegant and powerful concept of ‘structural reliability’. Methods have been devised
whereby engineering judgement and experience can be combined with statistical analy-
sis for the rational computation of partial safety factors in codes of practice. However,
in the absence of complete understanding and data concerning aspects of structural
behaviour, absolute values of reliability cannot be determined.

It is not practical, nor is it economically possible, to design a structure that will never
fail. It is always possible that the structure will contain material that is less than the
required strength or that it will be subject to loads greater than the design loads. If
actions (forces) and resistance (strength of materials) are determined statistically then
the relationship can be represented as shown in Fig. 1.3. The design value of resistance
(Rq) must be greater than the design value of the actions (A4q).

It is therefore accepted that 5% of the material in a structure is below the design
strength, and that 5% of the applied loads are greater than the design loads. This does
not mean therefore that collapse is inevitable, because it is extremely unlikely that the
weak material and overloading will combine simultaneously to produce collapse.

The philosophy and objectives must be translated into a tangible form using calcula-
tions. A structure should be designed to be safe under all conditions of its useful life

Frequency

Actions A

\

A} Resistance R

Resistance or actions

>
>

Aq Rq
Design value of actions Design value of resistance
R4—Aq>0

FIGURE 1.3 Statistical relationship between actions and resistance
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and to ensure that this is accomplished certain distinct performance requirements,
called ‘limit states’, have been identified. The method of limit state design recognizes
the variability of loads, materials, construction methods and approximations in the
theory and calculations.

Limit states may be at any stage of the life of a structure, or at any stage of loading
and are important for the design of steelwork. To reduce the number of load cases to
be considered only serviceability and ultimate limit states are specified. Each of these
sections is subdivided although some may not be critical in every design. Calculations
for limit states involve loads and load factors (Chapter 3), and material factors and
strengths (Chapter 2).

Stability, an ultimate limit state, is the ability of a structure, or part of a structure,
to resist overturning, overall failure and sway. Calculations should consider the worst
realistic combination of loads at all stages of construction.

All structures, and parts of structures, should be capable of resisting sway forces,
for example, by the use of bracing, ‘rigid’ joints, or shear walls. Sway forces arise
from horizontal loads, for example, winds, and also from practical imperfections, for
example, lack of verticality. The sway forces from practical imperfections are difficult
to quantify and advice is given in cl 5.3.3, EN 1993-1-1 (2005).

Also involved in limit state design is the concept of structural integrity. Essentially this
means that the structure should be tied together as a whole, but if damage occurs, it
should be localized.

Deflection is a serviceability limit state. Deflections should not impair the efficiency
of a structure, or its components, nor cause damage to the finishes. Generally the
worst realistic combination of unfactored imposed loads is used to calculate elastic
deflections. These values are compared with empirical values related to the length of
a member or height.

Dynamic effects to be considered at the serviceability limit state are vibrations caused
by machines, and oscillations caused by harmonic resonance, for example, wind gusts
on buildings. The natural frequency of the building should be different from the
exciting source to avoid resonance.

Fortunately there are few structural failures and when they do occur they are often
associated with human error involved in design calculations, or construction, or in the
use of the structure.

1.3.4 Structural Systems
Structural frame systems may be described as:

(a) simple frames,
(b) continuous frames,
(c) semi-continuous frames.
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These titles refer to the types of joints and whether bracing is included.

Simple design assumes that ‘pin joints’ connect the members and joint rotations are
prevented by bracing. Historically this method was popular because parts of the struc-
ture could be designed in isolation and calculations could be done by hand. With the
advent of the computer calculations are less onerous but the method is still in use.

Continuous frames assume that the connections between members are rigid and there-
fore the angles between members can be maintained without the use of bracing.
Calculations for the design of members and connections are more complicated and a
computer is generally used. Global analysis of the frame is based on elastic, plastic, or
elastic—plastic analysis assuming full continuity.

Semi-continuous frames acknowledges that in reality, end moments and rotations
exist at the connections. Global analysis using the computer is based on the moment-
rotation and force displacement characteristics of the connections. Bracing is often
necessary for this type of frame to reduce sway.

1.3.5 Errors

The consequences of an error in structural design can lead to loss of life and damage
to property, and it is necessary to appreciate where errors can occur. Small errors
in design calculations can occur in the rounding off of figures but these generally do
not lead to failures. The common sense advice is that the accuracy of the calculation
should match the accuracy of the values given in the European Code.

Errors that occur in structural design calculations and which affect structural
safety are:

(1) Ignorance of the physical behaviour of the structure under load and which con-
sequently introduces errors in the basic assumptions used in the theoretical
analysis.

(2) Errors in estimating the loads, especially the erection forces.

(3) Numerical errors in the calculations. These should be eliminated by checking, but
when speed is paramount checks are often ignored.

(4) Ignorance of the significance of certain effects (e.g. residual stresses, fatigue, etc).

(5) Introduction of new materials, or methods, which have not been proved by tests.

(6) Insufficient allowance for tolerances or temperature strains.

(7) Insufficient information (e.g. in erection procedures).

Errors that can occur in workshops or on construction sites are:

(1) Using the wrong grade of steel, and when welding using the wrong type of
electrode.

(2) Using the wrong weight of section. A number of sections are the same nominal
size but differ in web or flange thickness.

(3) Errors in manufacture (e.g. holes in the wrong position).
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Errors that occur in the life of a structure and also affect safety are:

(1) Overloading
(2) Removal of structural material (e.g. to insert service ducts)
(3) Poor maintenance.

1.4 FABRICATION OF STEELWORK

1.4.1 Drawings

Detailed design calculations are essential for any steel work design but the sizes of the
members, dimensions and geometrical arrangement are usually presented as drawings.
Initially the drawings are used by the fabricator and eventually by the contractor on
site. General arrangement drawings are often drawn to scale of 1:100, while details
are drawn to a scale of 1:20 or 1:10. Special details are drawn to larger scales where
necessary.

Drawings should be easy to read and should not include superfluous detail. Some
important notes are:

(a) Members and components should be identified by logically related mark numbers,
for example, related to the grid system used in the drawings.

(b) The main members should be presented by a bold outline (0,4 mm wide) and
dimension lines should be unobtrusive (0,1 mm wide).

(c) Dimensions should be related to centre lines, or from one end; strings of dimen-
sions should be avoided. Dimensions should appear once only so that ambiguity
cannot arise when revisions occur. Fabricators should not be put in the position
of having to do arithmetic in order to obtain an essential dimension.

(d) Tolerances for erection purposes should be clearly shown.

(e) The grade of steel to be used should be clearly indicated.

(f) The size, weight and type of section to be used should be clearly stated.

(g) Detailing should take account of possible variations due to rolling margins and
fabrication variations.

(h) Keep the design and construction as simple as possible. Where possible use simple
connections, avoid stiffeners, use the minimum number of sections and avoid
changes in section along the length of a member.

(i) Site access, transport and use of cranes should be considered.

1.4.2 Tolerances (cl 3.2.5, EN 1993-1-1 (2005))

Tolerances are limits places on unintentional inaccuracies that occur in dimensions
which must be allowed for in design if structural elements and components are to fit
together. In steelwork variations occur in the rolling process, marking out, cutting and
drilling during fabrication, and in setting out during erection.
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In the rolling process the allowable tolerances for length, width, thickness and flat-
ness for plates are given in BS 4360 (1990). Length and width tolerances are positive
while those for thickness and flatness are negative and positive. The dimensional and
weight tolerances for sections are given in BS 4 Pt 1 (2005), or BS 10056-1 (1990), as
appropriate.

During fabrication there is a tendency for members and components to increase rather
than reduce, and the tolerance is therefore often specified as negative; it is often
cheaper and simpler to insert packing rather than shorten a member, provided that the
packing is not excessive. Where concrete work is associated with steelwork variations
in dimensions are likely to be greater. When casting concrete, for example, errors in
dimensions may arise from shrinkage or from warping of the shuttering, especially
when it is re-used. Therefore, by virtue of the construction method, larger tolerances
are specified for work involving concrete.

To facilitate erection all members and connections should be provided with the max-
imum tolerance that is acceptable from structural and architectural considerations.
A typical example is a connection between a steel column and a reinforced concrete
base. It would produce great difficulties if the base were set too high and a tolerance
of approximately 50 mm is often included in the design, with provision for grouting
under the base. Tolerances are also provided to allow lateral adjustment of the foun-
dation bolts. Tolerances between concrete and steelwork are also important because
two different contractors are involved.

1.4.3 Fabrication, Assembly and Erection of Steelwork

The drawings produced by the structural designer are used first by the steel fabricator
and later by the contractor on site.

The steel fabricator obtains the steel either direct from the rolling mills or from the
steel stockiest, and then cuts, drills and welds the steel components to form the struc-
tural elements as shown on the drawings. In general, for British practice, the welding
is confined to the workshop and the connections on site are made using bolts. In
American, however, site welding is common practice.

When marking out, the measurements of length for overall size, position of holes, etc.
can be done by hand, but if there are several identical components then wooden or
cardboard templates are made and repeated measurements avoided. Now automatic
machines, controlled by a computer, or punched paper tape, are used to cut and drill
standard sections. When completed, the steel work should be marked clearly and
manufactured to the accepted tolerances.

When fabricated, parts of the structure are delivered to the site in the largest pieces
that can be transported and erected. For example a lattice girder may be sent fully
assembled to asite in this country, but sent in pieces to fit a standard transport container



14

Chapter 1 / General

for erection abroad. All components should be assembled within the tolerances and
cambers specified, and should not be bent or twisted or otherwise damaged.

On site the general contractor may be responsible for the assembly, erection, con-
nections, alignment and leveling of the complete structure. Alternatively the erection
work may be done by the steel fabricator, or sublet to a specialist steel erector. The
objective of the erection process is to assemble the steelwork in the most cost-effective
method whilst maintaining the stability of individual members, and/or part or complete
structure. To do this it may be necessary to introduce cranes and temporary bracing
which must also be designed to resist the loads involved.

During assembly on site it is inevitable that some components will not fit, despite the
tolerances that have been allowed. A typical example is that the faying surfaces for a
friction grip joint are not in contact when the bolts are stressed. Other examples are
given by Mann and Morris (1981). The correction of some faults and the consequent
litigation can be expensive.

1.4.4 Testing of Steelwork (cl 2.5, EN 1993-1-1 (2005))

Steel is routinely sampled and tested during production to maintain quality. However,
occasionally new methods of construction are suggested and there may be some doubt
as to the validity of the assumptions of behaviour of the structure. Alternatively if the
structure collapses there may be some dispute as to the strength of a component, or
member, of the structure. In such cases testing of components, or part of the structure,
may be necessary. However it is generally expensive because of, the accuracy required,
cost of material, cost of fabrication, necessity to repeat tests to allow for variations
and to report accurately.

Tests may be classified as:

(a) acceptance tests — non-destructive for confirming structural performance,

(b) strength tests — used to confirm the calculated capacity of a component or
structure,

(c) tests to failure — to determine the real mode of failure and the true capacity of a
specimen,

(d) check tests —where the component assembly is designed on the basis of tests.

The size, shape, position of the gauges, and method of testing of small sample pieces
of steel is given in BS 4360 (1990) and BSEN 10002-1 (2001). The tensile test is most
frequently employed, and gives values of, Young’s modulus, limit of proportionality,
yield stress or proof stress, percentage elongation and ultimate stress. Methods of
destructive testing fusion welded joints and weld metal in steel are given in numerous
Standards.

The Charpy V-notch test for impact resistance is used to measure toughness, that
is, the total energy, elastic and plastic, which can be absorbed by a specimen before
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fracture. The test specimen is a small beam of rectangular cross section with a VvV’
notch at mid-length. The beam is fractured by a blow from a swinging pendulum, and
the amount of energy absorbed is calculated from the loss of height of the pendulum
swing after fracture. Details of the test specimen and procedure are given in BS 4360
(1990) and BSEN 10045-1 (1990). The Charpy V-notch test is often used to determine
the temperature at which transition from brittle to ductile behaviour occurs.

Structures which are unconventional, and/or method of design which are unusual or
not fully validated by research, should be subject to acceptance tests. Essentially these
consist of loading the structure to ensure that it has adequate strength to support, for
example, 1 (test dead load) + 1,15 (remainder of dead load) + 1,25 (imposed load).

Where welds are of vital importance, for example, in pressure vessels, they should be
subject to non-destructive tests. The defects that can occur in welds are: slag inclusions,
porosity, lack of penetration and sidewall fusion, liquation, solidification, hydrogen
cracking, lamellar tearing and brittle fracture.

Asurface crack in a weld may be detected visibly but alternatively a dye can be sprayed
onto the joint which seeps into the cracks. After removing any surplus dye the weld is
resprayed with a fine chalk suspension and the crack then shows as a coloured line on
the white chalk background. A variant of this technique is to use fluorescent dye and
a crack then shows as a bright green line in ultra violet light. A surface crack may also
be detected if the weld joint area is magnetized and sprayed with iron powder. The
powder congregates along a crack, which shows as a black line.

Other weld defects cannot be detected on the surface and alternative methods must
be used. Radiographic methods use an X-ray, or gamma-ray, source on one side of
the weld and a photographic film on the other. Rays are absorbed by the weld metal,
but if there is a hole or crack there is less absorbtion which shows as a dark area on
the film. Not all defects are detected by radiography since the method is sensitive to
the orientation of the flaw, for example, cracks at right angles to the X-ray beam are
not detected. Radiography also requires access to both sides of the joint. The method
is therefore most suitable for in-line butt weld for plates.

An alternative method to detect hidden defects in welds uses ultrasonics. If a weld
contains a flaw then high frequency vibrations are reflected. The presence of a flaw
can therefore be indicated by monitoring the reduction of transmission of ultrasonic
vibrations, or by monitoring the reflections. The reflection method is extremely useful
for welds where access is only possible from one side. Further details can be obtained
from Gourd (1980).
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Structural Steel

2.1 VARIATION OF MATERIAL PROPERTIES

All manufactured material properties vary because the molecular structure of the
material is not uniform and because of inconsistencies in the manufacturing process.
The variations that occur in the manufacturing process are dependent on the degree
of control. Variations in material properties must be recognized and incorporated into
the design process.

The material properties that are of most importance for structural design using steel
are strength and Young’s modulus. Other properties which are of lesser importance
are hardness, impact resistance and melting point.

If a number of samples are tested for a particular property, for example, strength,
and the number of specimens with the same strength (frequency) plotted against the
strength, then the results approximately fit a normal distribution curve as shown in
Fig. 2.1.

This curve can be expressed mathematically by the equation shown in Fig. 2.1 which
can be used to define ‘safe’ values for design purposes.
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2.2 CHARACTERISTIC STRENGTH (el 3.1, EN 1993-1-1 (2005))

A strength to be used as a basis for design must be selected from the variation in values
shown in Fig. 2.1. This strength, when defined, is called the characteristic strength. If
the characteristic strength is defined as the mean strength, then clearly from Fig. 2.1,
50% of the material is below this value. This is not acceptable. Ideally the characteristic
strength should include 100% of the samples, but this is also impractical because it
is a low value and results in heavy and costly structures. A risk is therefore accepted
and it is therefore recognized that 5% of the samples fall below the characteristic

strength.

The characteristic strength is calculated from the equation

fy = fmean — 1,640

where for n samples the standard deviation

_ | Z(fmean —f)? v
Tl -y

Nominal values of the characteristic yield strengths and ultimate tensile strengths are
given in Table 3.1, EN 1993-1-1 (2005) and some examples are given in Table 2.1.

TABLE 2.1 Some nominal values of yield strength for hot rolled steel

(Table 3.1, EN 1993-1-1 (2005)).

Standard Nominal thickness of material
EN 10025-2:
Grade {<40mm 40 <t <S50 mm

Sy (MPa) Ju (MPa) Sy (MPa) Ju (MPa)
8235 235 360 215 360
8275 275 430 255 410
5355 355 510 335 470

TABLE 2.2 Some partial safety factors (cl
6.1, EN 1993-1-1 (2005) and Table 2.1,

EN 1993-1-8 (2005)).

Situation Symbol Value

Buildings YMO 1,00
M1 1,00
VM2 1,25

Joints YM3 1,25
VM4 1,00
YMS5 1,00
M7 1,10
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2.3 DESIGN STRENGTH (cl 6.1, EN 1993-1-1 (2005))

The characteristic strength of steel is the value obtained from tests at the rolling
mills, but by the time the steel becomes part of a finished structure this strength
may be reduced (e.g. by corrosion or accidental damage). The strength to be used in
design calculations is therefore the characteristic strength divided by a partial safety

factor (ym) (Table 2.2).

2.4 OTHER DESIGN VALUES FOR STEEL (cl 3.2.6, EN 1993-1-1

(2005))

The elastic modulus for steel (E) is obtained from the relationship between stress and
strain as shown in Fig. 2.2. This is a material property and therefore values from a set
of samples vary. However, the variation for steel is very small and the European Code

assumes £ =210 GPa.

The elastic shear modulus (G) is related to Young’s modulus by the expression

E =2G(1 +v)

where Poissons ratio v=0,3 in the elastic range and is used in calculations involving
plates.

The thermal coefficient of expansion for steel is given as « = 12E-6/K for T < 100°C
and is used in calculations involving temperature changes.
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Hardness is material property that is occasionally of importance in structural steel
design. Itis measured by the resistance the surface of the steel offers to, the indentation
of a hardened steel ball (Brinell test), a square-based diamond pyramid (Vickers test)
or a diamond cone (Rockwell test). Higher strength often correlates with greater
hardness but this relationship is not infallible.

Ductility may be described as the ability of a material to change its shape without
fracture. This is measured by the percentage elongation, that is, 100 x (change in
length)/(original length). Values of 20% can be obtained for mild steel but it is less for
high-strength steel. A high value is advantageous because it allows the redistribution
of stresses at ultimate load and the formation of plastic hinges.

2.5 CORROSION AND DURABILITY OF STEELWORK
(cl 4, EN 1993-1-1 (2005))

Durability is a service limit state and the following factors should be considered at the
design stage:

(a) Environment,

(b) Degree of exposure,

(c) Shape of the members and details,
(d) Quality of workmanship and control,
(e) Protective measures,

(f) Maintenance.

Methods of protecting steel work are given in BSEN ISO 12944 (1998) and the
specification for weather resistant steel is given is BS 7668 (1994).

Corrosion of steel work reduces the cross-section of members and thus affects safety.
Corrosion, which occurs on the surface of steel, is a chemical reaction between iron,
water and oxygen, which produces a hydrated iron oxide called rust. Electrons are
liberated in the reaction and a small electrical current flows from the corroded area
to the uncorroded area.

The elimination of water, oxygen or the electrical current, reduces the rate of corro-
sion. In contrast pollutants in the air, for example, sulphur dioxides from industrial
atmospheres and salt from marine atmospheres, increase the electrical conductivity
of water and accelerate the corrosion reaction.

Steel is particularly susceptible to atmospheric corrosion which is often severe in
coastal or industrial environments and the corrosion may reduce the section size due
to pitting or flaking of the surface. Modern rolling techniques and higher-strength
steels result in less material being used, for example, the web of an ‘I’ section may be
only 6 mm thick. Generally in structural engineering 8 mm is the minimum thickness
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used for exposed steel, and 6 mm for unexposed steel. For sealed hollow sections these
limits are reduced to 4 and 3 mm, respectively.

Corrosion of steel usually takes the form of rust which is a complex oxide of iron. The
rust builds up a deposit on the surface and may eventually flake off. The coating of rust
does not inhibit corrosion, except in special steels, and corrosion progresses beneath
the rust forming conical pits and the thickness of the metal is reduced. The conical
pits can act as stress raisers, that is, centres of high local stress, and in cases where
there are cyclic reversals of stress, may become the initiating points of fatigue cracks
or brittle fracture.

The corrosion resistance of unprotected steel is dependent on its chemical compos-
ition, the degree of pollution in the atmosphere, and the frequency of wetting and
drying. Low-strength carbon steels are inexpensive but are particularly susceptible to
atmospheric corrosion which is often greatest in industrial or coastal environments.
High-strength low-alloy steels (Cr-Si-Cu—P) do not pit as severely as carbon steels
and the rust that forms becomes a protective coating against further deterioration.
These steels therefore have several times the corrosion resistance of carbon steels.

The longer steel remains wet the greater the corrosion and therefore the detailing of
steelwork should include drainage holes, avoid pockets and allow the free flow of air
for rapid drying.

The most common, and cheapest form of protection process is to clean the surface by
sand or shot blasting, and then to paint with a lead primer, generally in the workshop
prior to delivery on site. Joint contact surfaces need not be protected unless specified.
Onssite the steel is erected and protection is completed with an undercoat and finishing
coat, or coats, of paint.

In the case of surfaces to be welded steel should not be painted, nor metal coated,
within a suitable distance of any edges to be welded, if the paint specified or the metal
coating is likely to be harmful to welders or impair the quality of the welds. Welds
and adjacent parent metal should not be painted prior to de-slagging, inspection and
approval.

Encasing steel in concrete provides an alkaline environment and no corrosion will take
place unless water diffuses through the concrete carrying with it SO, and CO; gases
from the air in the form of weak acids. The resulting corrosion of the steel and the
increase in pressure spalls the concrete. Parts to be encased in concrete should not
be painted nor oiled, and where friction grip fasteners are used protective treatment
should not be applied to the faying surfaces.

A more expensive protection is zinc, or aluminium spray coating which is sometimes
specified in corrosive atmospheres. Further improvements are hot dip zinc galvanizing,
or the use of stainless steels. These and other forms of protection are described in
BSEN ISO 12944 (1998). Recently zinc coated highly stressed steel has been shown
to be susceptible to hydrogen cracking.



22

Chapter 2 / Mechanical Properties of Structural Steel

2.6 BRITTLE FRACTURE (cl 3.2.3, EN 1993-1-1 (2005))

Brittle fracture is critical at the ultimate limit state. Evidence of brittle fracture is a
small crack, which may or may not be visible, and which extends rapidly to produce
a sudden failure with few signs of plastic deformation. This type of fracture is more
likely to occur in welded structures (Stout et al., 2000).

The essential conditions leading to brittle fracture are:

(a) There must be a tensile stress in the material but it need not be very high, and
may be a residual stress from welding.

(b) There must be a notch, or defect, or hole in the material which produces a stress
concentration.

(c) The temperature of the material must be below the transition temperature
(generally below room temperature). At low temperatures crack initiation and
propagation is more likely because of lower ductility.

The mechanism of failure is that the notch, defect or hole raises the local tensile
stresses to values as high as three times the average tensile stress. The material which
generally fails by a shearing mechanism now tends to fail by a brittle fracture cleav-
age mechanism which exhibits considerably less plastic deformation. A drop in the
temperature encourages the cleavage failure. A ductile material which has an exten-
sive plastic range is more likely to resist brittle fracture and a test used as a guide to
resistance to brittle fracture is the Charpy V-notch impact test (BS 7668 (1994)).

The importance of brittle fracture was shown by the failure of the welded ‘liberty’ cargo
ships mass produced by the USA during the Second World War. The ships broke apart
in harbour and at sea during the cold weather.

Brittle fracture is considered only where tensile stresses exist. The mode of failure is
mainly dependent on the following:

(a) Steel strength grade

(b) Thickness of material

(c) Loading speed

(d) Lowest service temperature
(e) Material toughness

(f) Type of structural element.

No further check for brittle fracture need to be made if the conditions given in EN
1993-1-10 (2005) are satisfied for lowest temperature. For further information see
NDAC (1970).

2.7 RESIDUAL STRESSES

Residual stresses are present in steel due to uneven heating and cooling. The stresses
are induced in steel during, rolling, welding which constrains the structure to a
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particular geometry, force fitting of individual components, lifting and transporta-
tion. These stresses may be relieved by subsequent reheating and slow cooling but the
process is expensive. The presence of residual stresses adversely affects the buckling
of columns, introduces premature yielding, fatigue resistance and brittle fracture.

Welding raises the local temperature of the steel which expands relative to the sur-
rounding metal. When it cools it contracts inducing tensile stresses in the weld and
the immediately adjacent metal. These tensile stresses are balanced by compressive
stresses in the metal on either side.

During rolling the whole of the steel section is initially at a uniform temperature, but
as the rolling progresses some parts of the cross-section become thinner than others
and consequently cool more quickly. Thus, as in the welded joint, the parts which cool
last have a residual tensile stress and the parts which cool first may be in compression.
Since the cooling rate also affects the yield strength of the steel, the thinner sections
tend to have a higher yield stress than the thicker sections. A tensile test piece cut
from the thin web of a Universal Beam will probably have a higher yield stress than
one cut from the thicker flange. The residual stress and yield stress in rolled sections
are also affected by the cold straightening which is necessary for many rolled sections
before leaving the mills.

Residual stresses are not considered directly in the European Code but are allowed
for in material factors. For further information see Ogle (1982).

This is an ultimate limit state. The term fatigue is generally associated with metals
and is the reduction in strength that occurs due to progressive development of existing
small pits, grooves or cracks when subject to fluctuating loads. The rate of development
of these cracks depends on the size of the crack and on the magnitude of the stress
variation in the material and also the metallurgical properties. The number of stress
variations, or cycles of stress, that a material will sustain before failure is called fatigue
life and there is a linear experimental relationship between the log of the stress range
and the log of the number of cycles. Welds are susceptible to a reduction in strength
due to fatigue because of the presence of small cracks, local stress concentrations and
abrupt changes of geometry.

Research into the fatigue strength of welded structures is described by Munse (1984).
Other references are BS 5400 (1980), Grundy (1985) and ECSS.

All structures are subject to varying loads but the variation may not be significant.
Stress changes due to fluctuations in wind loading need not be considered, but wind-
induced oscillations must not be ignored. The variation in stress depends on the
ratio of dead load to imposed load, or whether the load is cyclic in nature, for
example, where machinery is involved. For bridges and cranes fatigue effects are
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more likely to occur because of the cyclic nature of the loading which causes reversals
of stress.

Generally calculations are only required for:

(a) Lifting appliances or rolling loads,
(b) Vibrating machinery,

(c) Wind-induced oscillations,

(d) Crowd-induced oscillations.

The design stress range spectrum must be determined, but simplified design calcula-
tions for loading may be based on equivalent fatigue loading if more accurate data is
not available. The design strength of the steel is then related to the number and range
of stress cycles. For further information see EN 1993-1-9 (2005).

2.9 STRESS CONCENTRATIONS

Structural elements and connections often have abrupt changes in geometry and also
contain holes for bolts. These features produce stress concentrations, which are local-
ized stresses greater than the average stress in the element, for example, tensile stresses
adjacent to a hole are approximately three times the average tensile stress. If the aver-
age stress in a component is low then the stress concentration may be ignored, but
if high then appropriate methods of structural analysis must be used to cater for this
effect. The effect of stress concentrations has been shown to be critical in plate web
girders in recent history. Stress concentrations are also associated with fatigue and
can affect brittle fracture. Formulae for stress concentrations are given in Roark and
Young (1975).

2.10 FAILURE CRITERIA FOR STEEL

The structural behaviour of a metal at or close to failure may be described as ductile
or brittle. A typical brittle metal is cast iron which exhibits a linear load—displacement
relationship until fracture occurs suddenly with little or no plastic deformation. In
contrast mild steel is a ductile material which also exhibits a linear load—displacement
relationship, but at yield large plastic deformations occur before fracture.

The nominal yield strength is a characteristic strength in the European Code and is
therefore an important failure criterion for steel. The tensile yield condition can be
related to various stress situations, for example, tension, compression, shear or various
combinations of stresses.

There are four generally acceptable theoretical yield criteria as follows:

(1) The maximum stress theory, which states that yield occurs when the maximum
principal stress reaches the uniaxial tensile stress.
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(2) The maximum strain theory, which states that yield occurs when the maximum
principal tensile strain reaches the uniaxial tensile strain at yield.

(3) The maximum shear stress theory, which states that yield occurs when the
maximum shear stress reaches half of the yield stress in uniaxial tension.

(4) The distortion strain energy theory, or shear strain energy theory, which states
that yielding occurs when the shear strain energy reaches the shear strain energy
in simple tension. For a material subject to principal stresses o1, o2 and o3 it is
shown (Timoshenko, 1946) that this occurs when

(01 — 02)? + (02 — 03)% + (03 — 01)* = 26 (2.1)
This theory was originally developed by Huber, Von-Mises and Hencky.

Alternatively Eq. (2.1) can be expressed in terms of direct stresses oy, o, and oy, and
shear stress 7 on two mutually perpendicular planes. It can be shown from Mohr’s
circle of stress that the principal stresses

172

r _ 2
o = (9b +0bc) | (0 — Obe) 42 (2.2)
2 4
and
( ) _( )2 172
oy — op Zch n Ob 4ch 4 72 (2.3)

If Eqs (2.2) and (2.3) are inserted in Eq. (2.1) with 03 =0 and f, is equal to the design
stress fy/ym then

(fy/ym)* = 04 + 0f — Ovcon, + 37 (2.4)

If oy is replaced by oy with a change in sign then

(f/vm)* = o, +37° (2.5)

This equation is a yield criteria which is applicable in some design situations, for
example the design of welds (EN 1993-1-8 (2005)).
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3.1 DESCRIPTION

Actions are a set of forces (loads) applied to a structure, or/and deformations produced
by temperature, settlement or earthquakes (EN 1990 (2002)).

Values of actions are obtained by determining characteristic or representative val-
ues of loads or forces. Ideally, loads applied to a structure during its working life,
should be analysed statistically and a characteristic load is determined. The char-
acteristic load might then be defined as the load above which no more than 5% of
the loads exceed, as shown in Fig. 3.1. However, data is not available and the char-
acteristic value of an action is given as a mean value, an upper value or a nominal
value.

3.2 CLASSIFICATION OF ACTIONS

Actions are classified as:

(1) Permanent
(2) Variable
(3) Accidental
(4) Seismic

5% of results

/ | \ Loads
I
Mean ; 1,640 Characteristic

load load FIGURE 3.1 Variation in loads

Frequency
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In addition actions can be classified by:

(1) Variation in time:
(a) Permanent actions (G), for example, self-weight and fixed equipment.
(b) Variable actions (Q), for example, imposed loads, wind actions or snow loads.
(2) Spacial variation:
(a) Fixed actions, for example, structures sensitive to self-weight.
(b) Free actions which result in different arrangements of actions, for example,
movable imposed loads, wind actions and snow loads.

3.3 ACTIONS VARYING IN TIME

3.3.1 Permanent Actions (G)

Permanent actions are due to the weight of the structure, that is, walls, permanent
partitions, floors, roofs, finishes and services. The actual weights of the materials (Gy)
should be used in the design calculations, but if these are unknown values of density
in kN/m? may be obtained from EN 1991-1-1 (2002). Also included in this group are
water and soil pressures, prestressing force and the indirect actions such as settlement
of supports.

3.3.2 Variable Actions (Q)

(a) Imposed floor loads are variable actions and for various dwellings are given in
EN 1991-1-1 (2002). These loads include a small allowance for impact and other
dynamic effects that may occur in normal occupancy. They do not include forces
resulting from the acceleration and braking of vehicles or movement of crowds.
The loads are usually given in the form of a distributed load or an alternative
concentrated load. The one that gives the most severe effect is used in design
calculations.

When designing a floor it is not necessary to consider the concentrated load if
the floor is capable of distributing the load and for the design of the supporting
beams the distributed load is always used. When it is known that mechanical
stacking of materials is intended, or other abnormal loads are to be applied to
the floor, then actual values of the loads should be used, not those obtained from
EN 1991-1-1 (2002). In multi-storey buildings the probability that all the floors
will simultaneously be required to support the maximum loads is remote and
reductions to column loads are therefore allowed.

(b) Snow roof loads are variable actions and are related to access for maintenance.
They are specified in EN 1991-1-3 (2002) and, as with floor loads, they are
expressed as a uniformly distributed load on plan, or as an alternative concen-
trated load. The magnitude of the loads decrease as the roof slope increases and
in special situations, where roof shapes are likely to result in drifting snow, then
loads are increased.
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(c) Wind actions are variable but for convenience they are expressed as static pressures
in EN 1991-1-4 (2002). The pressure at any point on a structure is related to the
shape of the building, the basic wind speed, topography and ground roughness.
The effects of vibration, such as resonance in tall buildings must be considered
separately.

(d) Thermal effects need to be considered for chimneys, cooling towers, tanks, hot and
cold storage, and services. They are classed as indirect variable actions. Elements
of structures which are restrained or highly redundant introduce stresses which
need to be determined (EN 1991-1-5 (2003)).

(e) EN 1991-1-2 (2002) covers the actions to be taken into account in the struc-
tural design of buildings which are required to give adequate performance
in fire.

3.3.3 Accidental Actions (A)

(a) Accidental actions during execution include scaffolding, props and bracing
(EN 1991-1-6 (2002)). These may involve consideration of construction loads,
instability and collapse prior to the completion of the project.

Erection forces are of great importance in steelwork construction because pre-
fabrication is normal practice. Compression members which will be restrained
in a completed structure may buckle during erection when subject to relatively
minor forces. Joints which are rigid when fully bolted may, during erection, act
as a pin and induce collapse of the structure. Suspension points for members or
parts of structures may have to be specified to avoid damage to components. It
is extremely difficult to anticipate all possible erection forces and the contractor
is responsible for erection which should be carried out with due care and atten-
tion. Nevertheless a designer should have knowledge of the most likely method
of erection and design accordingly. If necessary temporary stiffening or supports
should be specified, and/or instructions given.

(b) Accidental actions include impact and explosions which are covered in EN 1991-1-
7 (2004). No structure can be expected to resist all actions but it must be designed
so that it does not suffer extreme damage from probable actions, for example,
vehicle collisions in a multi-storey car park. Local damage from accidental actions
is acceptable.

(c) When designing for earthquakes the inertial forces must be calculated as described
in EN 1998-8 (2004). This is not of major importance in the UK. Actions induced
by cranes and machinery are dealt with in EN 1991-3 (2004).

3.4 DESIGN VALUES OF ACTIONS

Partial safety factors allow for the probability that there will be a variation in the effect
of the action, for example, a variable action is more likely to vary than a permanent
action. The values also allow for inaccurate modelling of the actions, uncertainties
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in the assessment of the effects of actions, and uncertainties in the assessment of the
limit state considered.

The design value of an action is obtained by multiplying the characteristic value by a
partial safety factor, for example, for a permanent action the design value G4 = yg Gk.
For a variable action the design value Q4 = ¥9Qx or 1Ok or ¥20k. These represent
combination, frequency and quasi-permanent values. The combination value (oQx)
allows for the reduced probability that unfavourable independent actions occur simul-
taneously at the ultimate limit state. The frequency value (1 Qy) involves accidental
actions and reversible ultimate limit states. The quasi-permanent value (¢¥»Qy) also
involves accidental actions and reversible serviceability limit states. Recommended
values of v, ¥1 and v, are given in EN 1990 (2002).

3.4.1 Combination of Design Actions

For the ultimate limit state three alternative combinations of actions, modified by
appropriate partial safety factors (), must be investigated:

(a) Fundamental: a combination of all permanent actions including self-weight (Gy),
the prestressing action (P), the dominant variable action (Qx) and combination
values of all other variable actions (yoQx).

(b) Accidental: a combination value of the dominant variable actions (y¥0Qy). This
combination assumes that accidents (explosions, fire or vehicular impact) of short
duration have a low probability of occurrence.

(c) Seismic: reduces the permanent action partial safety factors (yg) with a reduction
factor (&) between 0,85 and 1.

For the serviceability limit state three alternative types of combination of actions must
be investigated:

(a) The characteristic rare combination occurring in cases when exceeding a limit
state causes permanent local damage or deformation.

(b) The combination which produces large deformations or vibrations which are
temporary.

(c) Quasi-permanent combinations used mainly when long-term effects are
important.

A combination of actions can be symbolically represented for design purposes, for
example, for one of three conditions at the ultimate limit state:

> v6Gx+veP + ) vooQk

Similar equations can be formed for the other two conditions at ultimate limit state
and for the three conditions at the serviceability limit state (EN 1990 (2002)).
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3.5 ACTIONS WITH SPACIAL VARIATION
3.5.1 Pattern Loading

All possible actions relevant to a structure should be considered in design calculations.
The actions should be considered separately and in realistic combinations to determine
which is most critical for strength and stability of the structure.

For continuous structures, connected by rigid joints or continuous over the supports,
vertical actions should be arranged in the most unfavourable but realistic pattern for
each element. Permanent actions need not be varied when considering such pattern
loading, but should be varied when considering stability against overturning. Where
horizontal actions are being considered pattern loading of vertical actions need not be
considered.

For the design of a simply supported beam it is obvious that the critical condition for
strength is when the beam supports the maximum permanent action and maximum
variable action at the ultimate limit state. The size of the beam is then determined
from this condition and checked for deflection at the serviceability limit state.

A more complicated structure is a simply supported beam with a cantilever as shown
in Fig. 3.2(a).

Assuming that the beam is of uniform section and that the permanent actions are
uniformly applied over the full length of the beam, it is necessary to consider various
combinations of the variable actions as shown in Figs. 3.2(b)-(d). Although partial
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FIGURE 3.3 Multi-storey frame

loading of spans is possible this is not generally considered except in special cases of
rolling actions (e.g. a train on a bridge span).

For a particular section it is not immediately apparent which combination of actions is
most critical because it depends on the relative span dimensions and magnitude of the
actions. Therefore calculations are necessary to determine the condition and section
for maximum bending moment and shear force at the ultimate limit state.

Analysis of a multi-storey building is more complicated as shown by Holicky (1996).
Where loads on other storeys affect a particular span they may be considered as uni-
formly distributed (EN 1991-1-1 (2002)). However, the critical positioning of the loads
may be different, for example, Fig. 3.3 shows the load positions for verification of the
bending resistance at points a and b.

In other situations, for example, when checking the overturning of a structure, the
critical combination of actions may be the minimum permanent action, minimum
imposed action and maximum wind action.

3.5.2 Design Envelopes

The effect of pattern loading can be seen by constructing a design envelope. This is a
graph showing, at any point on a structural member, the most critical effect that results
from various realistic combinations of actions. Generally the most useful envelopes
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are for shear force and bending moment at the ultimate limit state. The formation and
use of a design envelope is demonstrated by the following example.

EXAMPLE 3.1 Example of a design envelope. The beam ABC in Fig. 3.4-carries
the following characteristic loads:

Dead load Gk = 10 kN/m on both spans;
Imposed loads Qx = 15 kN/m on span AB, 12kN/m on span BC.

Sketch the design envelope for the bending moment and shear force at the ultimate
limit state. Indicate all the maximum values and positions of zero bending moment
(points of contraflexure).

The maximum and minimum design loads on the spans are:

Maximum on AB = ygGx + yoQx = 1,4 x 10+ 1,6 x 15 = 38kN/m.
Maximum on BC = ygGy 4+ yoQx = 1,4 x 10 4+ 1,6 x 12 = 33,2 kN/m.
Minimum on AB or BC = ygGx = 1,0 x 10 = 10kN/m.
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Consider the following design load cases:

(1) Maximum on AB and BC.
(2) Maximum on AB, minimum on BC.
(3) Minimum on AB, maximum on BC.

The bending moment and shear force diagrams are shown in Fig. 3.4.

Comments

(a) Only the numerical value of the shear force is required in design, the sign however,
may be important in the analysis of the structure.

(b) Positive (sagging) bending moments indicate that the bottom of the beam will be
in tension; negative (hogging) moments indicate that the top of the beam will be
in tension.

(c) The envelope, shown as a heavy line, indicates the maximum values produced by
any of the load cases. Note that on AB the envelope for shear force changes from
case (2) to case (1) at the point where the numerical values of the shear force are
equal.

This process is tedious and an experienced designer knows the critical action combi-
nations and the positions of the critical values and avoids some of the work involved.
Alternatively the diagrams can be generated from input data using computer graph-
ics. In more complicated structures and loading situations, envelopes are useful in
determining where a change of member size could occur and where splices could be
inserted. In other situations wind action is a further alternative to combinations of
permanent and variable actions.
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Beams

4.1 STRUCTURAL CLASSIFICATION OF SECTIONS
(CL 5.5, EN 1993-1-1 (2005))

Chapters 4 and 5 are concerned with the design of members which are predominantly
in bending, that is, where axial loads, if any, are small and transverse shear forces
are not excessive. Chapter 4 contains basic theoretical work on section properties and
the design of laterally restrained beams using Class 1 standard sections and plastic
methods of analysis.

Sections of steel beams in common use are shown in Fig. 4.1. The rolled sections shown
at (a) are used most often and of these the ‘I’ section is used widely. Some sections are
of uniform thickness while others are of different thickness for the web and flange.
The rolled sections are generally in stock, are lowest in cost, require less design and
connections are straightforward. Hollow sections are not as efficient in bending but
corrosion resistance is better and aesthetically they may be more acceptable. Cold
formed sections are thinner and are therefore more susceptible to corrosion unless
protected, however they are very economical for use as puriins. Fabricated sections
are used when a suitable rolled section is not available, but costs are higher and
delivery times are longer. Castellated sections are used for large spans with relatively
low loads and where transverse shear forces are not excessive. Tapered beams are
efficient in resisting bending moments but must be checked for shear forces. Composite
steel-concrete sections are used for floors.

The four classes of cross-section of steel ‘I’ beams are described in ¢l 5.5.2, EN 1993-1-1
(2005). To allow for flange buckling sections are reduced to effective sections.

All members subject to bending should be checked for the following at critical sections:

(a) A combination of bending and shear force
(b) Deflection

(c) Lateral restraint

(d) Local buckling

(e) Web bearing and buckling.
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This chapter is concerned with members which are predominantly subject to bend-
ing and where lateral torsional buckling and local buckling of the compression flange
are prevented. It is important to recognize the characteristics of these two forms
of buckling shown in Fig. 4.2. Lateral torsional buckling exhibits vertical movement
(bending about about the y-y axis), lateral displacement (bending about the z— axis),
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FIGURE 4.2 Buckling of beams

and torsional rotation (rotation about the x—x axis). Local buckling exhibits local
deformation of an outstand, for example, a flange of an ‘I’ beam.

Lateral torsional buckling occurs when the buckling resistance about the z—z axis and
the torsional resistance about the x—x axis are low. The buckling resistance about the
z—z axis can be improved by lateral restraints, for example, transverse members which
prevent lateral movement of the compression flange. Local buckling occurs when the
flange outstand to thickness ratio (b/tt) is high and is avoided by choosing Class 1
sections (cl 5.5.2, EN 1993-1-1 (2005)).

Where both types of buckling are prevented, as for Class 1 and Class 2 sections, then
the section can be stressed to the maximum design stresses in bending, i.e. plastic
methods of analysis and design can be used. If Class 3 or Class 4 sections are used the
plastic moment capacity is reduced to an elastic moment capacity.

If a steel ‘T’ section is used as a simply supported beam and loaded with a uniformly dis-
tributed load then the bending moment distribution varies parabolically. If the section
is bent about a major axis then the stress distribution at centre span at various stages
of loading is shown in Fig. 4.3(c). In the early stages of loading the stress distribu-
tion is elastic, then elastic—plastic and finally fully plastic. The corresponding moment
curvature relationship is shown in Fig. 4.3(b).

The fully plastic stage corresponds to the condition for the tensile stress—strain rela-
tionship for the steel shown in Fig. 4.3(a). Theoretically the load cannot be increased
beyond this plastic condition but strain hardening occurs and this increases the resis-
tance. Note that for full plasticity large strains occur, of the order of 20%, which
makes mild steel ideal, while other steels with less plastic strain behave in a more
brittle fashion.

Although bending is the predominant design criteria checks must be made for the
magnitude of the shear stresses. Shear stresses are introduced from vertical shear
forces, or torsion moments (cls 6.2.6 and 6.2.7, EN 1993-1-1 (2005)).
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For the design of beams calculations are required in the elastic stage of behaviour,
for example, stresses and deflections, and also at the fully plastic stage (e.g. collapse
load). The calculations involve certain basic section properties.

4.2 ELASTIC SECTION PROPERTIES AND ANALYSIS IN BENDING

4.2.1 Sectional Axes and Sign Conventions

For all standard sections rectangular centroidal axes y—y and z—z are defined parallel
to the main faces of the section, as shown in Fig. 4.4. The position of these axes is given
in Section Tables. For angles, and other sections where the rectangular and principal
axes do not coincide, the principal axes are denoted by u—u and v—v. The major axis
u-u is conventionally inclined to the y—y axis by an angle «, as shown in Figs 4.4(e)
and (f). For equal angles, o =45°.

For problems involving simple uniaxial or biaxial bending of symmetrical sections a
strict sign convention is not necessary, but for the solution of complex problems it is
desirable. In this chapter the positive conventions of sagging curvature and downward
deflections are adopted; and the direction of the angle « is anti-clockwise, consistent
with the Section Tables. Fig. 4.5(a) shows the coordinates of a point P in the positive
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quadrant of a section and the positive directions for the externally applied forces and
couples. The positive directions of the corresponding stress resultants (shear forces
and bending moments) are shown for the horizontal and vertical planes in Fig. 4.5(b).
Positive directions relative to the u—u and v—v axes can be inferred. The convention
for the moments has been chosen so that positive moments give tensile stresses in the
positive quadrant of the section.
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Normally the coordinates of points in a section relative to the rectangular axes are
known, or can easily be obtained. The coordinates relative to the principal axes are
given by

u=ycosa-+zsinowo

vV=2zCOSa—YSsinau (4.1)

External forces and shear forces transform in exactly the same way, thus

Fy, =F,cos a+ F;sina

F,=F;cos a — Fysina (4.2)

However the directions chosen for the moments are consistent with the rules for a
right hand set of axes, which gives rise to changes in sign, thus

M, = M, cos a — M, sin «

M, = M; cos a + M, sin « (4.3)

4.2.2 Elastic Second Moments of Area

This property is derived from the simple theory of elastic bending (Croxton and Martin
Vol 1 (1987 and 1989)). In design it is used to calculate stresses and deflections in the
elastic stage of behaviour, that is, at service loads. Second moments of area for all
standard sections are given in Section Tables but for fabricated sections they must be
calculated. The procedure involves application of the theorems of parallel axes which,
for the single element of area 4 in Fig. 4.6, can be stated as follows:

L =1, +AZ?
L =1, + Ay (4.4)
Iy, =1, +Ayz

where

I, = elemental second moment of area about y-y

I, = elemental second moment of area about z—z

I, = elemental product moment of area about y—y and z—z

a-a and b-b are centroidal axes through the element, parallel to y-y and z—z,
respectively.

For the determination of /,;, which can be either positive or negative, the correct signs
must be allocated to the coordinates y and z. The positive directions are indicated by
arrows in Fig. 4.6.



Structural Design of Steelwork to EN 1993 and EN 1994 « 41

+y = O]
b
z
ZZh
a / a
Area A < y
b
+z FIGURE 4.6 Parallel axes for an element

When second moments of area about the rectangular axes have been computed, the
direction of the principal axes can be obtained from

tan 2o = 21, /(I, — 1) (4.5)

The principal second moments of area are then give by

I, = I cos®> a + I, sin* a — I, sin 2a

I, =1, sin o + I, cos® o + I, sin 2 (4.6)

If I, is arranged to be greater than I, then o will be less than 45° and I,, will be the
major principal second moment of area. A negative result for Eq. (4.5) indicates that
« is to be measured clockwise from y—y.

4.2.3 Elastic Section Moduli

These values are derived from the second moments of area by dividing by the distance
to the extreme fibres (i.e. W =1/z). Values of section moduli are given in Section
Tables. For structural tees two values of W are given, referring to the extreme fibres
in the table and the stalk.

4.2.4 Elastic Bending of Symmetrical Sections

When either of the rectangular axes is an axis of symmetry the normal bending stress
at any point in the section is given by

M,z M,y

T L

4.7)

If the directions of the bending moments and the coordinates are in accordance with
the sign convention of Fig. 4.5, a positive result indicates that the stress is tensile.



42

Chapter 4 / Laterally Restrained Beams

For simple bending about the y—y axis, which is the most common event, the stress in
the extreme fibres
My zmax M,

— Dy Ty 4.8
Omax Iy Wely ( )

Similarly for bending about the z—z axis

My zmax M,
max 7, Wa, (4.9)

4.2.5 Elastic Bending of Unsymmetrical Sections

When a section is subject to bending about an axis which is not a principal axis the
effect is the same as if the section were subject to the components of the bending
moment acting about the principal axis. In other words the bending is biaxial.

For standard rolled angles the principal second moments of area and the directions
of the principal axes are given in Section Tables. Transforming bending moments and
coordinates to the principal axes by means of Eqs (4.3) and (4.1). Bending stress

B My Myu

o= I + 1. (4.10)

This is the same as Eq. (4.7) but with all the terms treated to the principal axes. If the
sign convention of Fig. 4.5 is observed, a positive result indicates tension.

In other cases the additional calculations required for the solution of problems by
principal axes can be avoided by the use of ‘effective bending moments’. These are
modified bending moments which can be considered to act about the rectangular axes
of the section. The bending stress is then given by an expression having exactly the
same from as Eq. (4.7)

Meyz ]\M

- 411
=t (4.11)

where M., and M., are effective bending moments about y—y and z—z axes, respectively
and are given by
My — M1, /I,
1—12/(I;)
M, — Myl /I,
MBZ = T 7 r T~
1—12/(l;)

Moy =

(4.12)

These expressions are derived from the application of conventional elastic bending
theory to curvature in both the yx and zx planes. One such derivation is given by
Megson (1980).



Structural Design of Steelwork to EN 1993 and EN 1994 « 43

By successive differentiation with respect to x, the longitudinal dimension, sim-
ilar expressions for the effective shear force and effective load intensity can be
obtained, thus

=1/l
¢ 1- Iyzz/(lylz)

V: =Wy /I,

Vez = m (4.13)
and
fe — (fy _leyz/ly)
YT =L /(L)
fez _ (f:Z _f;’lyz/ll) (414)

1- Iyzz/(lylz)

It should be noted that the quantities /, and I, are interchanged in Eqs (4.13) and
(4.14). This is because the expressions for the shear force and the load intensity in the
y direction are obtained by successive differentiation of bending moments along the
z—z axis and vice versa.

All bending moment problems with unsymmetrical sections can be solved simply by
replacing ordinary loads, shears, and bending moments by their effective counterparts.
Note however that these effective counterparts have values related to both the y—y and
z—z axes, even if the section is only loaded in the direction of one of the rectangular
axes.

EXAMPLE 4.1  Principal axes for an unequal angle section. Find the directions of
the principal axes and the values of the principal second moments of area for the angle
section in Fig. 4.7(a).

For the calculation of section properties the work is simplified considerably, with
insignificant loss of accuracy, by using the dimensions of the section profile, that is,
the shape formed by the centre line of the elements, as shown in Fig. 4.7(b).

The position of the centroid O is found by taking moments of the area about the centre
lines of each leg in turn

Areas mm?
A'B 140 x 20 =2800
A'C 290 x 20=15800

Total = 8600
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FIGURE 4.7 Example: principal axes for an unequal angle

Taking moments about A'B’

5800 x 290
8600c; = “———— hence | = 97,8 mm

Taking moments about A’C’

2800 x 140
8600c, = TX hence ¢, = 22,8 mm

Hence for the full section (Fig. 4.7(a))
¢, =107.8mm and c¢; =32,8mm

Coordinates of the centroids of the legs AB and AC are therefore given by

140
LegA'B' y= - - ¢, =47,2mm

z=—c, =—-97,8mm
Leg A'C' y = —c, =-228mm
290
z=— —c; = 47,2mm

The second moments of area about the rectangular axes are obtained in the usual way
be applying the parallel axes formula to each leg.

bh’
Ly(leg) = 5D + A(leg)z?

where b and & are dimensions of the leg parallel to the y—y and z—z axes, respectively.
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20
Leg A'B’ 140 x T 2800 x (—97,8)* = 26,87E6 mm*

2903
Leg A'C’ 20 x 5 +3800 47,2> = 53,57E6 mm*

I, = 80,44E6 mm*

hb3 )
L(leg) = - T A(leg)y

1403
Leg A'B’ 20 x - 2800 x 47,2> = 10,81E6 mm*

203
Leg A'C’ 290 x T 5800 x (-22,8)* = 3,21E6 mm*

I, = 14,02E6 mm*

The product moment of area Iy, is obtained by applying the parallel axis formula to
each leg

L;(leg) = I, + A(leg)yz

For each leg the term 1, is equal to zero, because the parallel axes through the centroid
of the leg are principal axes.

Leg AB" 2800 x 42,7 x (=97,8) = —12,93E6 mm*
Leg A'C' 5800 x (—22.,8) x 47,2 = —6,24E6 mm*
I, = —19,17E6 mm*

Direction of the principal axes from Eq. (4.5)

21
tan 2o = i
z Iy
2 % (—19,17) .
20 = arctan [m] hence o = 15

Principal second moments of area from Eq. (4.6)

I, =1, cos’a + 1, sin o — I, sin 20

I, =1, sina + 1, cos? o + I, sin 2a
Substituting values

I, = 85,58E6mm* and I, = 8,88E6 mm®.
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FIGURE 4.8 Example: structural tee in biaxial
bending

As a check on the transformation

I, + I, = I, + I, which is correct.

EXAMPLE 4.2 Structural tee in biaxial bending. Calculate the maximum extreme
fibre stresses in a standard 292 x 419 x 113 kg structural tee cut from a Universal
Beam. The tee is loaded by two moments as shown in Fig. 4.8.

From Section Tables

by =293,8 mm, h =425,5mm, t,, = 16,1 mm, ¢y =26,8 mm, C, = 108 mm,
I, = 246,6E6 mm*, I, = 56,76E6 mm*, W, (flange) = 2,277E6 mm?,
Weyy(toe) = 0,7776E6 mm?>, W, = 0,3865E6 mm?.

By inspection the maximum compressive stress occurs at a point P because the stresses
from both moments are compressive.

MM
~ Wep(flange) = We,

o

100E6 50E6

= 557756 T 0386386 — > MPa

The maximum tensile stress can occur at point Q or point R, depending on the relative
magnitude of the bending moments. It is necessary to check both points.

Using the sign convention of Fig. 4.5 both bending moments are positive and the
coordinates of the points are given by

t 16,1
PointQ, y= % = = 8,05 mm, z =h — ¢, = 425,5 — 108 = 317,5 mm.
by 2938

PointR, y= > = 146,9 mm, z = ty — ¢, = 26,8 — 108 = —81,2 mm.
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From Eq. (4.7) the stresses

> — M,z n My
L L
100 x 3175 50 x 8,05
_ ) "> _ 135.8 MP
9Q 2466 56,76 © Vi
100 x (=81,2) 50 x 146,9
_ — 96,5 MP
R 266 5676 Sk

Summarizing, the maximum stresses are:

At Q, og = +135,8 MPa (tension)
At P, op = —173 MPa (compression)

47

EXAMPLE 4.3 Bending stresses in an unequal angle section. Calculate the bending

stresses in the angle section shown in Fig. 4.9 where

I, =80,44E6 I, =14,02E6 I, = —19,17E6 mm*

Effective moments from Eq. (4.12)

_ (My - MzIyz/Iz)
(1 =L /LI)

M, — (M, —M,I,/1,)
(1 - IyZZ/IyIz)

Maximum compressive stress at A

Mo, = 74,92 kNm

= 32,86 kNm

MeyZA Meya
= +
I L
_ 7A92E6 x (—107,8) = 32,86E6 x (—32,8)
N 80,44E6 14,02E6
= —177,3 MPa (compression)

OA

Check for maximum tensile stress at B, and at C

_ MeyZB i Me;yB

B I,
_ 74,92E6 x (—87,8) = 32,86E6 x 117,2
80,44E6 14,02E6
= +192,9 MPa (tension)

MeyZC Meyc
oCc = T + T

_ TA92E6 x 192,2 4 32,86E6 x (—12,8)
N 80,44E6 14,02E6

= +149,0 MPa (tension)
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FIGURE 4.9 Example: bending stresses in an unequal angle

Summarizing, the maximum stresses are:

At B,op = +192,9 MPa (tension)

At A,op = —177,3 MPa (compression)

Note that although the position of the centroid and the values of the second moment
of area can be calculated without significant error from the profile dimensions of the

section, the same is not true of the stresses.

EXAMPLE 4.4 Bending about principal axes of an angle section. Recalculate the
stresses at points A, B and C in the previous example considering bending about the

principal axes.
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The coordinates of the points are transformed in accordance with Eq. (4.1),

u=ycosa+zsine and v=zcosae—y sina.

sina = 0,2588 and cosa = 0,9659,

Point y/z axes u/v axes

y z u v
A -32,8 -107,8 —-59,6 —95,6
B 1172 -87,8 90,5 -115,1
C 12,8 1922 375 1890

Bending moments transform in accordance with Eq. (4.3)
M, = My cos a — M, sin o = 25,10kNm
M, = M, cos a + My sin o = 22,25kNm

Bending stresses from Eq. (4.10)

My M
o= I”” T I””, oA = —1773 op=1929 oc = 149,0 MPa
u v

which are the same as obtained previously.

4.2.6 Elastic Analysis of Beams

The elastic analysis of simply supported beams with examples of shear force and bend-
ing moment diagrams and deflection calculations are given in many introductory books
on structural analysis (e.g. Croxton and Martin Vol. 1 (1987 and 1989)). The analysis of
continuous beams is more complicated but there is a choice of methods such as area—
moment, moment distribution, slope deflection, and matrix methods. These methods
are also covered by Croxton and Martin Vol. 2 (1987 and 1989). with a computer
program for analysis using matrix methods.

4.2.7 Elastic Deflections of Beams (cl 7.2.1, EN 1993-1-1 (2005))

The deflections under serviceability loads of a building or part should not impair
the strength or efficiency of the structure or its components or cause damage to the
finishes. When checking for deflections the most adverse realistic combination and
arrangement of serviceability loads should be assumed, and the structure may assumed
to be elastic.

The theory and the methods of calculating deflections for static and hyperstatic struc-
tures are given in Croxton and Martin Vols. 1 and 2 (1987 and 1989). For simple
beams standard cases can be superimposed and some useful cases are shown in
Figs 4.10 and 4.11.
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Maximum deflection (at free end)

a*(3 — a)QL3/(6El)

D
~

}

~

a’(4 — a)qL*/(24El)

T,

aL
(b)
q
r a%(5 — a)qL*/(120El)
aL ‘
FIGURE 4.10 Deflections of
(c) cantilevers

For simply supported beams the central deflection rather than the maximum is given,
so that deflections from individual cases can be added. For most loading cases the
central deflection only differs by a small percentage from the maximum. In case (a) of
Fig. 4.11, for example, the difference is always within 2,5%. A notable exception is the
case of equal end moments acting in the same direction, when the central deflection is
zero. However in such a case the deflection at other points along the beam are likely to
be small. A more accurate analysis can be formed if it is suspected that the deflection
is likely to exceed the limit. Recommendations for limiting values for deflections are
given in cl 7.2.1, EN 1993-1-1 (2005).

EXAMPLE 4.5 Deflections for a hyperstatic structure. The size of the members for
the symmetrical structure shown in Fig. 4.12 have been determined and the structure
requires to be checked for deflections in the elastic range of behaviour. The imposed
variable characteristic loads are shown in Fig. 4.12 and the second moment of area is
I, =127,56E6 mm*. The bending moments (positive clockwise) at the joints are given
in the following table.

Joint Span Moment (kNm)

B AB  +60
B BC —-60
C BC -6

C CG 472
C CD —66
G CG 436
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Central deflection, and
rotation at supports

Q
End 1 l End 2
Fora=0.5
al 5 = (3a— 4a°) QL3/(48E)
@ 0, = (2a — 3a + 2% QL2/(6EI)
L 0, = (a8 — a)QL2/(6EI)
q 4
OV 8 = 5qL*/(384El)
(b) T T 0, = qL3/(24EI)
02 = _91
q
Y Fora=0.5
J 3 8 = (382 — 2a%)qL%(96El)
© . 0, = (a* — 4a° + 4a2)qL3/(24El)
a 0, = (a* — 2a?)qL3/(24E)
q 8 = qL*/(120EI)
(d) - A 64 = 5qL%/(192EI)

f I

M, M,
/\' /\y 8 = (M —My)L2/(16El) Ficure 4.11
(e) T T 61 = (2M;—M,)L/(6EI) Displacements of simply
02 = (2Mp—My)L/(BEI) supported beams
24 24
A2 B c 36 D E30F
8
G H
A\ < T
4 18 3 6 3 18 4

Dimensions in m; loads in kN.

FIGURE 4.12  Example: deflections of a symmetrical continuous structure
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For all beams

EIL, = 210E3 x 127,56E6 = 26,79E12N mm?

Span CD
1. Uniform load (Fig. 4.11(b))
_ 5qL*  50L3
"l 7 384EI, ~ 384EI,

5% 36E3 x 12E3°
384 x 26,79E12

2. Concentrated loads (Fig. 4.11(a))

0

= 30,2 mm

2[3a — 44%1QL3
48EI,

23 (3/12) — 4 x (3/12)°] x 24E3 x 12E3°

Ol =

48 x 26,79E12 = 44,3 mm.
3. End moments (Fig. 4.11(¢e))
My — M)
oy = 121 =)
M 16EI,
—66 — 66)E6
= 12E3% x (66— 66)E6 _ —44,3 mm (upwards)

16 x 26,79E12
Total deflection = dy + 9¢ + am = 30,2 + 44,3 + (—44,3) =30,2mm

A limit for beams with plaster finish =L /350 = 12E3/350 = 34,3 mm

Span BC

End moments (Fig. 4.11(e))
M — M)
5y = 2 M1 = M)
3 16E1,

—60 + 6)E6
= 18E3? x % = —40,8 mm (upwards)

An accurate analysis gives —42,4 mm at 7,35 m from B,

A limit for beams with plaster finish = /350 = 18E3/350 = 51,43 mm

Cantilever span AB

For this span the deflection is due to the flexure of the cantilever, assuming the beam
is horizontal at B, plus the effect of the anti-clockwise rotation of the beam at B,
that is, —6 for span BC.
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End moments for span BC (Fig. 4.11(e))
2M| — M>)
6EI,

- (—2 x 60 + 6)E6
= 18E3 x — =~ ot = —001277 rad

1. Deflection at A due to rotation

01 =L x

or = —LO; = —4E3 x (—0,01277) = 51,07 mm

2. Deflection due to load (Fig. 4.10(b))
a3(4 - a)qL4 . oL3

3y = -
! 24EI 8EI,
30E3 x 4E33
= §x2679E12 _ >oomm

Total deflection = dr + 9y = 51,1 4+ 9,0 =60,1 mm

A limit for a cantilever beam with plaster finish

2L 2 x4E3
350 350
If the deflection of the cantilever exceeds the limit and stiffening is required then

= 22,9 mm

increase the size of the section, or add flange plates. It is also necessary to stiffen
spans AB and BC because the deflection is dependent on both.

4.2.8 Span/Depth Ratios for Simply Supported Beams

An initial estimate for the depth of a simply supported ‘I’ beam carrying a uniformly
distributed load can be obtained by using the deflection limit. If omayx is the maximum
elastic bending stress at service load then from elastic bending theory

M, OL » h/2

I, 8 I

Omax =

rearranging
160maxl,
Ko 0
Assuming a deflection limit for beams with plaster finish of
L 50L° .
— = (ii)
350 384Kl

Q:

Eliminating Q by combining Eqs (i) and (ii) and putting £ = 210 GPa, the span depth
ratio
L 2880

h Omax
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If abeam is laterally restrained so that lateral torsional buckling does not occur, then if
the maximum bending stress is approximately f,/1,5, the span/depth ratios for different
grades of steel and different limits are:

TaBLE 4.1 Span/depth ratios for beams.

Span/depth ratio

Characteristic

Grade stress (fy) L/350 L/250
5235 235 18,4 25,7
8275 275 15,7 22,0
5355 355 12,2 17,0

Note that since Youngs modulus (E) is a constant for all grades of steel, the stiffness
of a beam does not increase with a higher grade of steel. If a design is governed by
deflection then there is no advantage in using a higher grade of steel.

4.3 ELASTIC SHEAR STRESSES

4.3.1 Elastic Shear Stress Distribution for a Symmetrical
Section

When a beam is bent elastically by a system of transverse loads, plane sections no
longer remain plane after bending, but are warped by shear strains. In most cases the
effect is small and the errors introduced in the use of conventional bending theory
are negligible. Important exceptions are discussed briefly in Section 4.3.2. Formulae
for the calculation of shear stresses in an elastic beam are derived by considering the
variation in bending stresses along a short length of beam.

Consider the very short length of beam in Fig. 4.13(a). At a point S in the web the
shear stresses on the vertical and the horizontal section are complementary and are
given by the established formula (Eq. (6.20), EN 1993-1-1 (2005))

_ VAz,
It

Us (4.15)
where
V' =the vertical shear force on the section

A =the hatched area, that is, the part of the section between point S and the extreme
fibres

z. = the distance from the centroid of the area A to the neutral axis
I =the second moment of area of the whole section about the neutral axis

t =the thickness of the section at the point S.
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(a) Shear flow

FIGURE 4.13 Shear

(b) Stress distribution stresses in an ‘I” beam

The formula cannot be used to obtain the vertical shear stress in the outstanding parts
of the flange. However as this must be equal to zero at the top and bottom faces, it
must be very small. In fact the resistance of the section to vertical shear is provided
almost entirely by the web.

The resultant of the longitudinal shear stress in the web is in equilibrium with the
change in the normal tensile force on the area 4 due to the variation in bending
moment along the beam. Similar longitudinal stresses exist in the flanges and give rise
to horizontal complementary stresses in the directions shown. For example, at point
P in the top flange.

h—t
A=bsty, tr=t, z.= (b=t
2
and Eq. (4.15) becomes
Vb(h — tf)

This expression is linear with respect to the variable b, and v, has a maximum value
at the centre of the flange where b = b¢/2, that is

Vbi(h —t
ey = L0210 (417)
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The complete distribution of shear stress on the cross-section is shown in Fig. 4.13(b).

Equation (4.15) can be expressed in terms of the shear flow, which is the product of
the shear stress and the thickness of the section, thus

VA
T

V= tvg

(4.18)

In the longitudinal sense the shear flow is equal to the shear force per unit length of
beam, and is a convenient quantity for the calculation of the shear force to be resisted
by bolts or welds in a fabricated section.

4.3.2 Elastic Shear Stresses in Thin Walled Open Sections

The shear stress distribution for a rectangular cross-section subject to a transverse
shear force is shown in Fig. 4.14(a) and can be calculated using Eq. (4.15). The shear
stress distribution for the open cross-section is different as shown in Fig. 4.14(b).
the distribution for an ‘T’ section is shown in Fig. 4.14(c). Steel sections are usually
composed of relatively thin elements, for which the analysis can be simplified by:

(a) referring all dimensions to the profile of the section;

(b) assuming that the shear stress does not vary across the thickness;

(c) ignoring any shear stresses acting at right angles to the section profile. As these
are equal to zero at each outside surface they must always be very small in a thin
walled section.

If it is further assumed that the load is applied in such a way that no twisting of the
beam occurs, the shear flow at a point S on the profile of the section is given by

Vg = Vo — <&)f tzds — (@)/ tyds (4.19)
Ly ) Jo I ) Jo

here Ve, and V¢, are the effective shear forces obtained from Eq. (4.13) or by applying
the effective loads obtained from Eq. (4.14). The variable s is the distance around
the profile to the point of interest, starting from any point at which the shear flow

] |

Y L= =
Py \
¢ ¢ ¢ - ¢ > FiGuRe 4.14

Distribution of shear
(a) (b) (c) stresses
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vo is known. At any open end, such as the end of a flange, the value of v, is zero.
The direction of s can be chosen arbitrarily and, provided that the sign convention of
Fig. 4.5 is adopted, a positive sign for vy indicates that the shear flow is in the direction
chosen for s.

4.3.3 Elastic Shear Stresses in Thin Walled Closed Sections

The shear stress and shear flow in a symmetrical closed section can be obtained directly
from Eqs (4.15) and (4.18), respectively. For an unsymmetrical section Eq. (4.19) can
be used, but analysis is complicated by the fact that that v, is not known at any point.
The problem can be solved by first cutting the section at some point and finding the
position of the shear centre in the resulting open section. The shear flow in the closed
cross-section then results from the combined action of the applied shear loads trans-
ferred to the shear centre of the cut (open) section, and the torque on the closed
section due to the transference of loads. Examples of shear stress distribution are
given in Fig. 4.14. A similar approach is used to find the position of the shear centre
of the closed section.

4.3.4 Elastic Shear Lag (cl 6.2.2.3, EN 1993-1-1 (2005))

The simple theory of bending is based on the assumption that plane sections remain
plane after bending. In reality shear strains cause the section to warp. The effect in
the flanges is to modify the bending stresses obtained by the simple theory, producing
higher stresses near the junction of a web and lower stresses at points remote from
it as shown in Fig. 4.15. This effect is described as ‘shear lag’. The discrepancies pro-
duced by shear lag are minimal in rolled sections, which have relatively narrow and
thick flanges. However in plate girders, or box sections, having wide thin flanges the
effects can be significant when they are subjected to high shear forces, especially in
the vicinity of concentrated loads where the sudden change in shear force produces
highly incompatible warping distortions. Shear lag effects can be allowed for by using
effective widths (cl 3, EN 1993-1-5 (2003)).

Shear force

Bending stress
non-uniform

Warping
displacements

FIGURE 4.15 Shear
lag effects for an ‘I’
section
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(c) (d)
FIGURE 4.16 Position of shear

® Shear centre + Centroid centre
v,
v
‘T vy
N<——
B C
+ D
(® Shear centre
+ Centroid . . .
A FIGURE 4.17  Shear centre—unsymmetrical section

4.3.5 Elastic Shear Centre

Equation (4.19) is only valid if no twisting of the beam occurs at the section considered.
Torsion in a section can be generated by a transverse load if the resultants of the shear
stresses in the elements of the section produce a torque. To counteract this the line
of action of the applied load must pass through the shear centre. In a symmetrical
section the shear centre lies on an axis of symmetry, and loads applied along such an
axis do not cause twisting. In some sections the position of the shear centre can be
inferred from the direction of the shear flow (Fig. 4.16). In (a) the shear center lies
at the intersection of the two axes of symmetry and is coincident with the centroid; in
(b) and (c) it lies at the intersection of lines of shear flow; in (d), if the flanges are of
the same size, the shear stresses in them set up opposing torques about the centroid
which is therefore the shear centre.

For the general case of an unsymmetrical thin walled open section subject to biaxial
bending, with shear forces V), and 1, the position of the shear centre can be found by
determination of the shear flow from Eqs (4.18) or (4.19), applying V, and V; in turn,
assuming that they pass through the shear centre. Consider, for example, the section
profile in Fig. 4.17. If point B is chosen as the fulcrum it is only necessary to find the
resultant shear forces in the leg CD due to V), and V; in turn. These forces produce
torques equal to Vyz" and Vy', respectively. By taking moments about B the values of
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z' andy’ can be obtained. There is no need to calculate the shear stresses in AB or BC
because their lines of action pass through the point B, and generate no moment. The
resultant shear forces in CD are obtained by integrating the shear stresses obtained
by Eq. (4.19) along the leg.

The above process is tedious since, for each value of V), and 1, the corresponding
effective shear forces Ve, and Ve, must be calculated and applied. If there is an axis of
symmetry Eq. (4.18) can be used and the analysis is simplified.

EXAMPLE 4.6 Distribution of shear stresses for an angle section. Calculate the
shear stresses in the simply supported angle section shown in Fig. 4.18(a). I, = 80,44E6,
I, =14,02E6, I, = —19,17E6 mm*.

To the left of mid-span the shear forces are

Vy=5 and 1V, =10kN

140
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1,4 208
0,9 ¢
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\ 3
z VZT
R
2,8
y (max) FIGURE 4.18
l z Example: distribution
\ of shear stresses for an
(c) (d) unsymmetrical section
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Effective shear forces from Eq. (4.13)

_ B = Vel /1)

Vey = = 10,95 kN
& 1— 1,2 /L1, ’

(Vz = Vyly: /1)

V =
"Z 1— 1L, /LI

= 24,97 kN

Shear flow from Eq. (4.19)

_ Ve s Vey § .
Us—vo—(?>/ol‘ZdS—(f>/(;lde (1)

For the horizontal leg starting from the left hand end
vo=0, s=s51, y=(1172—-s1) and z=-97,8mm
Substituting these values in (i) and integrating
vs, = 0,00781s7 — 1,224s, (ii)

This equation shows that vg, =0 only when 51 =0. Differentiating with respect to
s1 and equating to zero gives a turning point at s; =78,4mm. Hence from (ii)
Vs, (max) = —47,96 N/mm, and s; =140 mm, vy, =—18,28 N/mm. The negative signs
indicate that the shear flow is in the opposite direction to sy.

For the vertical leg

s=s2, y=-228mm, z=(s2—97,8)mm, wv,=va=—1828N/mm.
Substitution of these values into (i) gives

vs, = —18,28 + 0,9633s5 — 0,003104s3 (iii)

Solving (iii) for so shows that when v, =0, s =20,3 mm. There is also a turning point
at s = 155,2mm. Hence from (iii) vs,(max) = 56,46 N/mm. The positive sign indicates
that the shear flow is in the direction of s;. As a check, putting s; =290 mm gives
vy, =0, which is correct.

The shear stresses in MPa are obtained by dividing the shear flows by the thickness,
that is, 20 mm, and are plotted for the whole section in Fig. 4.18(d).

This example demonstrates the method of analysis but the shear stresses are very low
and do not justify such a detailed treatment. As a rough guide as to whether detailed
analysis is required the shear forces are divided by the area of the appropriate leg.

If the shear stress is only required at particular points in the section Eq. (4.15) can be
used with the effective shear forces, taking each axis in turn and superimposing the
results. Integration is avoided but the directions of the stresses have to be found by
inspection. It can be seen from the position of the neutral axis in Example 4.3 that
the maximum shear stresses occur where the neutral axis intersects the profile of the
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FIGURE 4.19 Example: shear centre of a channel

section, as in a symmetrical section. If these points have previously been found, then
the maximum shear stress can be calculated directly as above, using Eq. (4.15).

EXAMPLE 4.7 Shear centre for a channel section. Find the position for the shear
centre for the channel shown in Fig. 4.19 which has a uniform thickness.

As the shear centre lies on the axis of symmetry y-y, there is no need to consider V.
If point A at the intersection of axis y—y with the centre line of the web is taken as
the fulcrum, then only the shear force in the flanges need to be considered since the
resultant shear force in the web produces no moment about A. Equation (4.18) is

. VAz,
I
The distribution of shear flow in the flanges in linear with zero at the ends and

Us

maximum at the web centre line. Hence, for maximum shear flow
d . .
A=bt, V=V, z.= 5 and [ =1, which gives

V.btd
Us(max) = 21,

The resultant shear force is equal to half the maximum shear flow multiplied by the
flange width, that is
V.,b2td
41,

Force =

The torque about point A from both flanges is equivalent to the torque produced by
the applied shear force when it passes through the shear centre, thus

V,b2td?
Vy ==
= 41,
from which
b2d%t
Y = (4.20)

41,
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4.4 ELASTIC TORSIONAL SHEAR STRESSES (CL 6.2.7,
EN 1993-1-1 (2005))

4.4.1 Elastic Torsion

Generally torsion is not a major problem in the design of beams except for special
cases. Torsional shear stresses arise from a variety of causes including, beams cranked
or curved in plan, and loads whose line of action does not pass through the shear
centre of the section. It is important to realize that in torsional problems the lever arm
for the torque is measured from the shear centre, not the centroid. In particular, the
distributed loads on unsymmetrical sections, such as angles or channels, usually act
through the centroid of the section, as in the case of self-weight, although generally
self-weight does not produce large torsional stresses. However, if other loads are offset
from the shear centre the effect can be considerable, for example, for a 381 x 102 chan-
nel section the lever arm for loads acting through the centroid is approximately 50 mm.

The total torsional moment at any section is the sum of the elastic torsion (St. Venant)
plus the internal warping torsion. The warping torsion consists of a bi-moment plus
warping.

4.4.2 Uniform and Non-uniform Elastic Torsion

In general the cross-sections of members subject to torsion do not remain plane, but
tend to warp. Warping is the change in geometric shape of the member so that cross-
sections do not remain plane as shown in Fig. 4.20. The degree of warping that takes
place depends on the shape of the section, and is most pronounced in thin walled
channels. In some sections, such as angles and tees, solid and hollow circular sections
and square box sections of uniform thickness, warping is virtually non existent, while
in others, such as closed box sections of general shape, its effect is small. In ‘I’ sections
most of the warping takes place in the flanges and its effect on the web is very small
and can be ignored. If torque is applied only at the ends of the member and warping is
not restrained, the flanges remain virtually straight and maintain their original shape
as shown in Fig. 4.20(a). The result is that the sectional planes of the flanges rotate
in opposite directions, producing warping displacements which are constant along the
whole length of the member. Under these circumstances the member is said to be in
the state of uniform, or St. Venant, torsion.

If warping is prevented, for example, by rigid supports at the ends of the member,
the torsional stiffness is increased and longitudinal tensile and compressive stresses
are induced. In practice warping is not so obvious but may arise from the action of
structural connections, or from the incompatibility of warping displacements that occur
when the torque is not uniform along the length of the member. Warping restraint
increases the torsional stiffness of a member, and at any point along its length the
applied torque is resisted by the two components, one due to the St. Venant torsion,
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and the other to warping torsion from the effects of the restraints. The proportions of
the two components depend on the type of loading and the distance from a restraint.

Both components of torsion produce shear stresses parallel to the walls of the section,
and their combined effects can locally be greater than the effect of St. Venant alone.
However in members other than channels with very thin walls the increase in shear
stresses can usually be ignored in design. In beams the maximum shear stress can be
obtained approximately by combining the effects of transverse shears, using Eq. (4.15),
with the shear stresses from torsion, assuming that the whole of the applied torque
results in St. Venant torsion.

A more significant effect of warping restraint in the design of beams is the introduction
of longitudinal stresses. The effect is illustrated for an ‘I’ beam in Fig. 4.20(b). In
this case the warping displacements are confirmed to the flanges, whose positions, if
warping were allowed to occur freely, are shown by dotted outlines. Bi-moments My,
are induced in the planes of the flanges when warping is restrained, and these give rise
to tensile and compressive stresses as shown.

A full treatment of the analysis of members subject to warping torsion is beyond
the scope of this book and the reader is referred to Zbirohowski-Koscia (1967). The
analysis is tedious, but for ‘I’ beams a conservative estimate of the longitudinal stresses
due to warping torsion can be obtained by assuming that each flange acts independently
and is bent in its own plane by an analogous system of lateral loads which replace the
applied torques, as in Fig. 4.20(c). The value of the equal and opposite lateral loads
H, analogous to the applied torque M is
My

H= 421
s (4.21)
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The ends of the flanges can be assumed to be either fixed or simply supported,
depending on whether or not warping is restrained by the structural connections.
The results obtained by this method are conservative because in reality the warp-
ing stresses are produced only by the warping component of the applied torque,
not the whole torque as assumed. However, Eq. (4.21) can be useful in preliminary
designs where it is necessary to assess whether the effects of torsion are likely to be
significant.

4.4.3 Elastic Torsion of Circular Sections

The elastic (St. Venant) theory of torsion of prismatic members with solid or hollow
sections can be expressed by the well established formula

T Go
L_v_ (4.22)
It r L

where

T is the torsional moment

I is the torsion constant which, for a circular section, is equal to the polar second
moment of area

v is the shear stress at radius

G is the shear modulus

0 is the angle of twist

L is the length of the member

The polar second moment of area for a solid section of radius R is

_ TR*

== (4.23)

For a thin walled tube of mean radius Ry and wall thickness ¢, an approximate
formula is

I = 2nR3 t (4.24)

The error is below 3% for /Ry, ratios of 1/3 or less, and is on the safe side. The polar
second moment of area (I;) is twice the second moment of area (/) about a diameter,
values for which are given in Section Tables.

The elastic distribution of shear stress along the radius of a solid circular section is
linear, with zero at the centre and a maximum at the outside surface. For a thin walled
tube, the stress varies linearly across the wall thickness and in the range of standard
structural tubes unsafe errors in the shear stress of up to about 18% are introduced
by the use of Ry, in Eq. (4.22) instead of the outside radius.
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4.4.4 Elastic Torsion of Thin Walled Open Sections

The torsional constant /; for a thin rectangle of width b and thickness ¢ is

bt3
I = 5
This formula is accurate when b/t is infinite and gives unsafe errors of 6% when b/t = 10,
and 10% when b/t = 6. The b/t ratios are typical of the flanges of Universal Column
and Beam sections.

(4.25)

Most sections in steelwork design are composed of thin rectangles, and for a complete
section the torsional constant can be obtained by summing the torsional constants for
each rectangular element, that is

_yb?
3

Values of I; are given in Section Tables. In standard rolled sections the root fillets at

I (4.26)

the junctions of the web and the flanges give additional torsional stiffness.

The shear stresses in an open section under St. Venant torsion vary from zero on the
centre line of the wall to a maximum on the outside surface (Fig. 4.20(d)), and their
direction is reversed on each side of the centre line. The shear flow constitutes a closed
loop. The maximum stress in any element of thickness ¢ is

Tt

T

(4.27)

The maximum shear stress in a section therefore occurs in the thickest element. At
re-entrant corners the flow lines are crowded together, giving rise to very high stress
concentrations. The effect is reduced by fillet radii. The shear stress is zero at the
outside corners.

The angle of twist

_TL
- Gl
where [, is calculated from Eq. (4.26).

0 (4.28)

4.4.5 Elastic Torsion of Thin Walled Closed Sections

The shear stress distribution for closed sections is shown in Fig. 4.20(e). The flow is
unidirectional with respect to the profile, contrasting with open sections. Variations
in stress across the thickness of the section are ignored. The shear flow is constant at
all points on the profile and is given by

T
= — 4.2

where A is the cross-sectional area of the profile.
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The shear stress is a maximum in the thinnest part of the section and is obtained by
dividing the shear flow by the thickness. This is in direct contrast to the open section
where maximum shear stress occurs in the thickest part.

Angle of twist

L [ ds
0= s / < (4.30)

As in open sections additional stresses are introduced when warping is restrained.
Equations (4.29) and (4.30) are derived from the Bredt—Batho hypothesis in which it is
assumed that the shape of the section remains unchanged. To ensure that this assump-
tion remains valid it may be necessary to stiffen the section with internal diaphragms
at intervals along its length, and at points where concentrated loads are applied.

EXAMPLE 4.7 Torsion and transverse shear in a box section. Find the maxi-
mum shear stress in the box section shown in Fig. 4.21 which is subject to a torque
T =200 kNm and a shear force I = 500 kN. Assume that the section is adequately stiff-
ened to prevent distortion of the profile and ignore the effects of warping restraints.
Calculate the angle of twist per metre length.

The torsion and shear may be considered separately and the resulting shear flows are
shown in Figs 4.21(a) and (b). For both calculations the profile dimensions shown in
Fig. 4.21(c) can be used. The shear modulus is 80 GPa.

First consider torsion. The area enclosed by the profile
A =790 x 380 = 0,3002E6 mm?.

From Eq. (4.29) the shear flow

T 200E6

34 = 3% 0300256 — >0 N/mm

V=

The shear stress is maximum in the web where the section is thinnest

v 333
vy=-=—=2333MPa
T T 10 ’
800 50(1“\‘ 790
L20
r’],+ > > ++ —> > ++ .
10/t CT Y |00 380 FIGURE 4.21
+ + + + EXalnlDle: torsion
- < < < - < < <
Ell’ld transverse
T = 200 kNm

shear in a box
(a) Torsion (b) Shear (c) Profile section
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From Eq. (4.30) the angle of twist

g TL_ [
442G | ¢t
200E6 x 1E3 790 380
= (4 x 0,30022 x 1E12 x 80 x 1E3) <E + ﬁ)
= 0,00107 rad/m

This is small which shows that the box is very stiff torsionally.

Now consider the direct shear force. The maximum shear stress is in the webs at the
neutral axis, and the first moment of areas
380
Aze(ttange) = 20 X 790 x —= = 3,002E6 mm’

380 380
Azofweby) =2 x 10 x —= x == = 0,361E6 mm?

Total = 3,363E6 mm>

Second moment of area

3803
I1=2 <1o x4+ 20 x 790 x 1902) — 1232E6 mm*

Direct shear stress from Eq. (4.15)

VAz.  500E3 x 3.363E6
U= = TmEex2x 10~ o2 MPa

Combing torsional and direct shear stresses
U(combined) = Vr + Us = 33,3 + 68,2 = 101,5 MPa

Information on combining shear and torsion in design calculations is given in cl 6.2.7,
EN 1993-1-1 (2005).

4.5 PLASTIC SECTION PROPERTIES AND ANALYSIS
4.5.1 Plastic Section Modulus

Plastic global analysis may be used in the design of steel structures for class 1 cross-
sections (c15.6, EN 1993-1-1 (2005)). For the general case of a steel section symmetrical
about the plane of bending, the stress distributions in the elastic and fully plastic state
are shown in Fig. 4.3(c). For equilibrium of normal forces, the tensile and compressive
forces must be equal. In the elastic state, when the bending stress varies from zero at
the neutral axis to a maximum at the extreme fibres, this condition is achieved when
the neutral axis passes through the centroid of the section. In the fully plastic state,
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FIGURE 4.22  Example: plastic section modulus for an ‘I” section

because the stress is uniformly equal to the yield stress, equilibrium is obtained when
the neutral axis divides the section into two equal areas.

M, = (first moment of area about the plastic NA)f, (4.31)

EXAMPLE 4.8  Plastic section moduli for an ‘I’ section. Determine the plastic section
moduli about the y—y and z—z axes for the ‘I’ section shown in Fig. 4.22(a). The section
is for a 914 x 419 x 388 kg Universal Beam with the root radius omitted.

To determine the plastic section modulus about the y—y axis divide the section into 41
and A4 as shown in Fig. 4.22(b) where

h 920,5
Ay = <§> fo = <T> 21,5 = 9895,375 mm>

Ay = (bt — ty)t; = (420,5 — 21,5)36,6 = 14603,5 mm?

and

92
zZ1 = % = —3’5 == 230,125 mm

i 920,5 — 36,6
2 27 2
Plastic section modulus

2= = 441,95 mm

Wiy = 2(A121 + A2z2) = 2(9895,375 x 230,125 + 14603,4 x 441,95)
= 17,462E6 mm?>

The value obtained from Section Tables is 17,657E6 mm? which is slightly greater
because of the additional material at the root radius.
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Similarly for the plastic section modulus about the z—z axis divide the section into areas
Az and A4 as shown is Fig. 4.22(c) where

oo (h — 22tf)tw _ (9205 - 22x 366215 _ 108,475 mm?
Ay =2 (%) =2 <$) 36,6 = 15390,3 mm?

and
== ? = 5375mm
Y4 = % = % = 105,125 mm

Plastic section modulus
Woiz = 2(A3ys 4+ Agys) = 2(9108,475 x 5,375 4 15390,3 x 105,125)
= 3,334E6 mm°.

The value obtained from Section Tables is 3,339E6 mm?® which is slightly greater
because of the additional material at the root radius.

From Section Tables the ratio of plastic/elastic section modulus (shape factor) for this
section about the x—x axis is

Wiy /Wery = 17,657E6/15,616E6 = 1,1307

The value of the shape factor for bending about the y-y axis generally quoted for
‘T’ sections in current use in design is 1,15.

The corresponding value of the shape factor for bending about the z—z axis is
Wiz /Wel, = 3,339E6/2,160E6 = 1,55 which is typical for an ‘T” section.

EXAMPLE 4.9  Plastic section moduli for a channel section. Determine the plastic
section moduli about the y—y and z—z axes for the channel section shown in Fig. 4.23(a).
The section is for a 432 x 102 x 65,54 kg channel with the root radius omitted.

To determine the plastic section modulus about the y—y axis divide the section into
A1 and A, and shown in Fig. 4.23(b) where

431
A = (g) fy = (%) 12,2 = 2633,98 mm?>

Ay = (bt — ty)tf = (101,6 — 12,2)16,8 = 1501,92 mm?

and

431,8

z1=—= 1 = 107,95 mm

4318168

5 = 207,5 mm

h
4
h
2225

YR
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Plastic section modulus

Wiy = 2(A121 + A222) = 2(2633,98 x 107,95 + 1501,92 x 207,5)
= 1,192E6 mm?°.

The value obtained from Section Tables is 1,207E6 mm?> which is slightly different
because of the additional material at the root radius and the fact that the flanges
taper.

Similarly for the plastic section modulus about the z— axis divide the section into areas
A3z, A4 and As and shown in Fig. 4.23(c). It is first necessary to determine the position
of the neutral axis z—.

Since the axis z—z divides the total area into two equal parts

_Aj+Ay 2633,98 +1501,92

Yn A 1318 = 9,578 mm
Areas
h 431,8
Az = <§> Yo = (T) 9,578 = 2067,89 mm?

h 431,8
Ay = (5 - zf) (tw —yn) = <T - 16,8) (12,2 — 9,578) = 522,04 mm>

As = (b — yn)t = (101,6 — 9,578)16,8 = 1545,97 mm?

and
y3=%“=@=4,789mm
fw—yn 12,2-9578
y4=W2y‘1: o =131lmm

. bt — yn _101,6 — 9,578
Y5 = 5 = 5

= 46,011 mm
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Plastic section modulus

Wpe = 2(A3y3 + Asys + Asys)
= 2(2067,89 x 4,789 + 522,04 x 1,311 + 1545,97 x 46,011)
= 0,1634E6 mm>

The value obtained from Section Tables is 0,1531E6 mm? which is slightly different
because of the additional material at the root radius and the taper on the flanges.

4.5.2 Plastic Methods of Analysis

A plastic collapse mechanism depends on the formation of a plastic hinge(s) and this
will now be considered in detail. The tensile stress—strain curve for mild steel is shown
in Fig. 4.3(a). The curve is idealized into three stages namely elastic, plastic, and
strain hardening stages of deformation. The moment—curvature for a beam made of
the same material is shown in Fig. 4.3(b) with the corresponding distribution of stress
at various loading stages shown in Fig. 4.3(c). The spread of the plastic hinge along
the length of the beam is shown in Fig. 4.3(d).

The amount of rotation that can take place at a plastic hinge is determined by the length
of the yield plateau shown in Fig. 4.3(b). For mild steel the length is considerable and
the work hardening stage is ignored. For higher grade steels work hardening occurs
immediately after yielding and there is no plateau. A plastic hinge does form but with
an increasing moment of resistance. In design this increase in resistance due to work
hardening is ignored which errs on the side of safety.

Plastic methods of analysis and design consider a structure at collapse when sufficient
plastic hinges have formed to produce a mechanism. Examples of collapse mechanisms
are shown in Fig. 4.24.

In simple situations, are shown in Fig. 4.24(a), the position of the plastic hinge is
obvious and it is simple to calculate the collapse load using the method of virtual work.

g/unit length g/unit length

et
PW D\'/\'/P;stlc M

0 Plastlc hinge hinge

(a) (b) (c)

FIGURE 4.24 Examples of plastic collapse mechanisms
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The method must only be applied to structures where the material becomes plastic
at the yield stress and is capable of accommodating large plastic deformations. It must
therefore not be applied to brittle materials such as cast iron. However it can be applied
to reinforced concrete because the steel reinforcement behaves plastically at collapse
but care must taken to check the rotation at the hinge for heavily reinforced sections.

The plastic method can be seen as a more rational method for design because all parts
of the structure can be given the same safety factor against collapse. In contrast for
elastic methods the safety factor varies. Intrinsically the plastic method of analysis
is simpler than the elastic method because there is no need to satisfy elastic strain
compatibilty conditions. However calculations for instability and elastic deflections
require careful consideration when using the plastic method, but nevertheless it is
very popular for the design of some structures (e.g. beams and portal frames).

The method of analysis demonstrated in this chapter is based on the principle of
virtual work. This states that if a structure, which is equilibrium, is given a set of small
displacements then the work done by the external loads on the external displacements
is equal to the work done by the internal forces on the internal displacements. More
concisely, external work equals internal work. The displacements need not be real, they
can be arbitrary, which explains the use of the word ‘virtual’. However the external
and internal geometry must be compatible.

It is tacitly assumed that collapse is due to the formation of plastic hinges at cer-
tain locations and that other possible causes of failure, for example, local or general
instability, axial or shear forces, are prevented from occurring. It is also important to
understand that at collapse:

(a) the structure is in equilibrium, that is, the forces and moments, externally and
internally, balance,

(b) no bending moment exceeds the plastic moment of resistance of a member,

(c) there are sufficient hinges to form a collapse mechanism.

These three conditions lead to three theorems for plastic analysis.

(1) Lower bound theorem: if only conditions (a) and (b) are satisfied then the solution
is less than or equal to the collapse load.

(2) Upper bound theorem: if only conditions (a) and (c) are satisfied then solution is
greater than or equal to the collapse load.

(3) Uniqueness theorem: if conditions (a), (b) and (c) are satisfied then the solution is
equal to the collapse load.

Settlement of the supports has no effect on the solution at collapse because the only
effectis to change the amount of rotation required. This isin contrast to elastic methods
of analysis where settlement calculations must be included.

Plastic hinges form in a member at the maximum bending moment. However at the
intersection of two members, where the bending moment is the same, the hinge forms
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in the weaker member. Generally the locations of hinges are at restrained ends, inter-
section of members and at point loads. The hinges may not form simultaneously
as loading increases but this is not important for calculating the final collapse load.
Generally the number of plastic hinges

n=r—+1
where
r is the number of redundancies.
However there are exceptions, for example, partial collapse of a beam in a structure.

Equating external to internal work for the member shown in Fig. 4.24(a)
L
WL(Z) 6 = M, (26) hence M, = wL?/8

In other conditions, as shown in Fig. 4.24(c), the position of the plastic hinge for
minimum collapse load is not obvious and the calculations are more complicated.
Equating external to internal work for the member shown in Fig. 4.24(c).

x6 0 .
qx <71> +q(L —)6)232 = Mp1(261 + 62) (i)
From geometry
x61 = (L —x)6 (ii)

Combining (i) and (ii)

2 1
L =2M, | - —
q pl <x 3 —x) (iii)

Differentiating (iii) to determine the value of x for which ¢ is a minimum

x* —4Lx+2L> =0 hencex =L(2 —?2) (iv)
Combining (iii) and (iv)

My = (1,5 — v2)qL? v)

The method can be applied to avariety of structures. Further explanation and examples
are given in Moy (1981), and Croxton and Martin Vol. 2 (1987 and 1989).

4.0 EFFECT OF A SHEAR FORCE ON THE PLASTIC MOMENT OF
RESISTANCE (CLS 5.6 AND 6.2.6, EN 1993-1-1 (2005))

In general the effect of a transverse shear force is to reduce the plastic moment of
resistance but the reduction for an ‘I’ section is small and may be ignored (cl 6.2.8, EN
1993-1-1 (2005)) if
VEd
VoiRrd

<05 (4.32)
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where Vg is the design shear force, and the plastic shear resistance and (Eq. (6.18),
EN 1993-1-1 (2005))

Av %/31/2)
YMO

The areas resisting shear (4,) for various sections are given in cl 6.2.6(3), EN 1993-1-1
(2005) and in Section Tables.

VpLRd = (4.33)

The area resisting shear for an ‘I’ section is
Ay =A —2btg + (tw + 2r)tg (4.34)
This is a slight increase on the web area (hty,) which has been used in the past.

The maximum shear stress of f, /372 is based on the failure criterion expressed in
Eq. (2.5).

There is no reduction in the plastic moment of resistance for plastic or compact sec-
tions provided that the design shear force does not exceed 50% of the plastic shear
resistance. This recommendation is related to the work of Morris and Randall (1979)
who stated that shear can be ignored unless the average shear stress in the web exceeds
1y/3, or f,/4 when the ratio of the overall depth to flange width (//bf ratio) exceeds 2.5.

Where the design shear force exceeds 50% of the plastic shear resistance the European
Code recommends that the yield strength is reduced to (1 — p)f, where for shear
(Eq. (6.29), EN 1993-1-1 (2005))

V 2
. (2 Ba_ 1) (435)
VoL, Rd
and for torsion
v 2
p= (2 Ed -1) (4.35a)
VoL T.Rd

These recommendations may be compared with theory by Horne (1971). If a shear
force is applied to an ‘I’ section most of the shear force is resisted by the web. If it
is assumed that all of the shear force is resisted by the web the effect on the plastic
moment of resistance is shown in Fig. 4.25(a). The outer fibres in bending are at yield
while the inner fibres are linear elastic. It is not possible to resist shear forces on the
outer fibres and thus the inner fibres resist all of the shear force.

Plastic moment of resistance of the web
> d o dy 2 d; ,
MP1W= [tWZ_tWZ +twg f;,: tWZ_tWE f;’ (1)
From the parabolic distribution of shear stress

2
V= Stdyy (i)
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| Parabolic

distribution
_________________ _ of shear stress

— | |1y b
I Ii

b) 2/3 < V/Vjax < 1
max

Eq. (4.37)

Factor

| | | |
0 0,2 0,4 0,6 0,8 1,0

V/Vinax
(©

FIGURE 4.25 Effect of a shear force on the plastic section modulus of the web of an
T” section

Defining
(iii)

Vinax = twhfy

Combining (i) to (iii)

My = (fwj2f3> [1 _ (2) <é>2} (4.36)

This expression is valid for 0 < V/Vpax < 2/3.
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When 2/3 <V /Vmax <1 then assuming the stress distributions shown in Fig. 4.25(b)
the plastic moment of resistance of the web

twd*c .
Mpw = = (i)
Applied shear force
2
V =dtyt + gdtw(ty —1) (ii)

If Vinax = dtw Ty, ratio
1 T
V/Vmax = g (2 + ;y) (111)
Adopting a failure criterion of the form shown Eq. (2.5)

() (2

Combining (i) to (iv)

twd? 2 3V 2]
Mplw = wa;) X |:§\/1 — (Vmax — 2) J (437)

The expressions in the square brackets in Eqs (4.36) and (4.37) are plotted in

Fig. 4.25(c) expressed as My = factor(twd>f,/4). This theory is approximate and con-
servative but it does give a general appreciation of the effect of a shear force on the
plastic moment of resistance. A fuller description and less conservative theories are
given in Horne (1958).

In addition when the ratio Ay /ty > 72¢/n (c1 6.2.6, EN 1993-1-1 (2005)) the web should
be checked for shear buckling. The limiting value of Ay, /#, is related to experimental
work by Longbottom and Heyman (1956), and later work by Horne (1958).

EXAMPLE 4.10 Plastic section modulus reduced by shear. Determine the plas-
tic modulus for a 762 x 267 x 197 kg UB grade S275, using (a) Horne’s method, (b)
European Code method, when subject to a design value of shear force Vg = 1145 kN.
Ignore the material factor for this example.

(a) Horne’s method:

Vea  Vea 1145E3 B
Vmax  htwfy/31/2  769,6 x 15,6 x 275/31/2

0,6

According to Horne, dividing Eq. (4.36) by f,

td?* 3 ( VEq 2
Wpl(web) = T [1 — Z <@>

= 0,73(td%/4),  that is 27% loss in the web.
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Reduced plastic section modulus of the complete section

Wpl(reduced) = Wpl(whole) - I/Vpl(web)(1 — factor)

15,6 x 685,8

= 7,164E6 —
o - (10

) (1—0,73) = 6,672E6 mm*

Percentage reduction in plastic modulus for the whole section

_100(7,167E6 — 6,672E6)

=691
7,167E6 1%
(b) EN 1993-1-1 (2005) method:
VEd _ VEd
Vpl,Rd (Av]&/?’l/z)
1145E3

_ = 0,568
(12,7E3 x 275/31/2) —

where 4, = 12,7E3 is obtained from Section Tables.

According to cl 6.29, EN 1993-1-1 (2005) there is a reduction in the plastic
modulus if

VEd

Vpl,Rd

From Eq. (4.352)

> 0,5

1% 2
o= (2 Bd_ 1) = (2 x 0,568 — 1) = 0,0185
VoL, Rd

and
Mv,Rd —W :OA%

Wpl(reduced) = fy = Wpl — 4ty
12,7E3?
= 7,164E6 — 0,01 ’
7,164E6 0’085X4x15,6
= 7,116E6 mm®
: (7,164E6 — 7,116E6) x 100
P = = .
ercentage reduction 7.164E6 0,67%

4.7 LATERAL RESTRAINT (CL 6.3.5, EN 1993-1-1 (2005))

The full rotation required at a plastic hinge in a beam may not be realized unless lateral
support is provided at the hinge position. It may also be necessary to provide lateral
support at other points along the span to ensure that lateral torsional buckling does
not occur. Lateral torsional buckling is considered to be prevented if the compression
flange is prevented from moving laterally, either by an intersecting member, or by
frictional restraint from intersecting floor units.
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4.8 RESISTANCE OF BEAMS TO TRANSVERSE FORCES

The first check for transverse forces is the shear stress in the web at the neutral axis
in the elastic stage of behaviour (cl 6.2.6(4), EN 1993-1-1 (2005)). In the plastic stage
of behaviour the strength of the web is determined using values given in cl 6.2.6(2),
EN 1993-1-1 (2005). Also it is necessary to consider web plate shear buckling at the
ultimate limit state by checking if 72¢/n > hy /tw (c1 5.1(2), EN 1993-1-5(2003)).

Design calculations are also required for concentrated transverse forces applied to
girders from supports, cross beams, columns, etc. (Fig. 4.26). The concentrated loads
are dispersed through plates, angles and flanges to the web of the supporting girder.
The deformations that occur to the supporting beam are shown in Fig. 4.27 and include
yielding of the flange and local buckling of the web as shown in experiments (Astill
et al. (1980)).

The design resistance is expressed simply as (cl 6.2, Eq. (6.1), EN 1993-1-5(2003))
fwaefftw
YM1

The effective bearing length (L) is an extension of the stiff bearing length (ss) which
assumes a 45° dispersion through plates, flanges and angles as shown in Fig. 4.26.

Frq =

The root radius of a section increases the length of the stiff bearing by (2 —2!/%)r.

—
Ss —-|||<Clearance
sg=h+2t, F—"
h
[ 1
. il N . ‘I beam
45° a5o]
‘" beam Sg=2t, + (2 — V2 )r, - Clearance
’ ! Angle support
__/\/Z. |<—1’a
(a) (b)
[
‘I beam
SS

B ——
[ I

¢L| \J45° S |

I\—ji Sg= 2t + t,+2(2 —\2)n,
] [
: ‘I beam

e,

(c)

FIGURE 4.26  Stiff bearing lengths



Structural Design of Steelwork to EN 1993 and EN 1994 « 79

Yielding of flange

(
f ‘ Sq | ‘ Buckling of web

| | DLV

FIGURE 4.27 'Transverse concentrated load

The extension of the stiff bearing length is based on theory of flange yielding and
buckling of the web as shown in Examples 4.11 and 4.12.

If the transverse resistance of an unstiffened web is insufficient stiffeners are required
(c19.4(1), EN 1993-1-5 (2003)) designed according to cl 6.3.3 or 6.3.4, EN 1993-1-1
(2005) with a buckling length of not less than 0,754y, and using buckling curve c (Fig. 6.4,
EN 1993-1-1 (2005)).

EXAMPLE 4.11  Simply supported beam carrying a uniformly distributed load and
laterally restrained. The floor of an office building consists of 125 mm precast concrete
units, with a mass of 205 kg/m?, topped with a 40 mm concrete screed and 20 mm wood
blocks. Lightweight partitions supported by the floor are equivalent to a superficial
load of 1,0 kN/m? and the suspended ceiling has a mass of 40 kg/m?. The floor rests on
the top flanges of simply supported steel beams spanning 8 m and at a pitch of 3,75 m.

Characteristic loads kg/m? kN/m?
Dead load
Self-weight of steel beam (assumed) 20
125 mm precast units 205
40 mm concrete screed 2400 x 0,04 96
20 mm wood blocks 900 x 0,02 18
Suspended ceiling 40

379 x 9,81/1E3 = 3,72
Lightweight partitions 1,00
Total dead load 4,72
Imposed load for an office (EN 1991-1-1 (2002)) 2,50
Maximum design bending moment at mid-span kNm
Permanent load BM = ygOL /8 = 1,35 x 4,72 x 82 x 3,75/8 = 191,2
Variable load BM = yoQL /8 =1,5 x 2,5 x 8 x 3,75/8 = 112,5

Total BM 303,7
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Using grade S275 steel, f, =275 MPa, the plastic section modulus required
M 303,7E6

Wiy = =
/v 275/1,1
From Table 4.1 for L/250, L /h =22, hence h = 8E3/22 = 364 mm.

= 1,215E6 mm°>.

From Section Tables, try 457 x 152 x 60 kg UB, W}, = 1,284E6 mm?,
ty = 13,3 mm, ty = 8mm, d = 407,7mm, A, = 3890 mmz, by = 152,9 mm,
h =454, 7mm, hy = (h — 2t;) = (454,77 — 2 x 13,3) = 428,1 mm,
r = 10,2 mm.

Check for buckling of web (Table 5.2 (sheet 1), EN 1993-1-1 (2005))

d 4078
— = ——=150,96
tw 8
235\ /2 235\ /2
72e =72 <7> =72 (ﬁ) = 66,6 > 50,96 satisfactory.

Check flange buckling (Table 5.2 (sheet 2), EN 1993-1-1 (2005))
¢ [B-t)/2—r]  [(1529 -8)/2—102]

=4
tt tt 13,3 67

235\ 12 235\ /2
9¢ =9 x (f) =9 <ﬁ) = 8,32 > 4,67 SatiSfaCtOI'y.

This is a Class 1 section and calculations can be reduced by using Section Tables.
Check deflection at the service limit state

Permanent and variable load on span = 2,5 x 8 x 3,75 = 75kN
50L3
384E1

5 x 75 x (8E3)?
T 384 x 210 x 254,64E6

Maximum deflection = §; + 62 =

= 9,35 mm

Deflection limit from Table 4.1
N L 8E3
250 T 250

Check shear resistance of web at the ultimate limit state.

= 32 > 9,35 mm satisfactory.

Design shear force at the support

OL (1,35x4,72+ 1,5 x2,5)8 x 3,75
Vea =" = >

Area of web (cl 6.2.6(3), EN 1993-1-1 (2005))

= 151,8kN.

Ay =A — 2bt; + (by + 27)tr = 7580 — 2 x 152,9 x 133 + (8 + 2 x 10,2)13,3

= 3890 mmz, or obtain value from Section Tables.
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Design plastic shear resistance (cl 6.2.6(1), EN 1993-1-1 (2005))

Avfy Av(fy/31/2)
VpLRd = =
0 YMO
(275/3172)
=3890 x ——— = =561,5kN
) 171 x 1E3 ’

Vea 1518 .
Vpl,Rd 561,5 ’ < L,U satistactory

Check web plate buckling from shear at the ultimate limit state (cl 5.1 (2), EN 1993-1-5
(2003))

T2e _ 72(235/275)'/?
no 1,2
hy 4281

— = —— = 53,5 < 55,5 satisfactory.
tw 8

= 55,5

Assuming 150 x 75 x 10 mm angle supports at the ends of the beam (Fig. 4.26) the
transverse shear buckling load (cl 6.2, Eq. (6.1), EN 1993-1-5 (2003))

_ fwlettw 275 x 77,53 x 8
"y L0x1E3
= 170,6 > Vgq = 151,8 kN satisfactory no stiffener required.

Frq

The effective length (L.fr) in the previous equation is obtained as follows:

The stiff bearing length (cl 6.3, Fig. 6.2, EN 1993-1-5 (2003)), for a 150 x 75 x 10 mm
angle support (Fig. 4.26)

ss = 2ty 4+ (2 — 2Y/%)r, — clearance

=2x10+ (2 -2Y2) x 11 —3 =23,44 < hy, = 428, mm

Buckling co-efficient for the load application (cl 6.1(4), Type(c), EN 1993-1-5 (2003))

6(ss +¢) 5 6(23,44 + 0)
hy 4281

Effective load length (cl 6.5, Eq. (6.13), EN 1993-1-5 (2003))

kp=2+

= 2,33 < 6 satisfactory.

. kFEt&,
T 2fwhy
2,33 x 210E3 x 82
T T2 x275 x 4281
= 133,0 > (ss + ¢ = 23,44 4+ 0) use 23,44 mm.

le

Force (cl 6.4 Eq. (6.5) EN 1993-1-5 (2003))

0,9keE) 0.9 x 2,33 x 210E3 x 8’

Fo = =
“ hy (428,1 x 1E3)

= 526,7kN.
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The dimensionless parameters (cl 6.5, Eq. (6.8), EN 1993-1-5 (2003))

 fbe  275% 1529

- - = 19,11
futw 2758 ’

mi

and (cl 6.5, Eq. (6.9), EN 1993-1-5 (2003))

hy \? 428,12
=0,02(=X) =0,02(2=22) =2072
my = 0,0 (q) 0,0 ( 13,3) 0,7

Yield length (cl 6.5, Eq. (6.12), EN 1993-1-5 (2003))
ly = Io +te(my +m2)'/? = 23,44 +13,3(19,11 + 20,72)!/? = 107,4 mm

An alternative yield length (cl 6.5, Eq. (6.11), EN 1993-1-5 (2003))

2 1/2
ni e
Iy =le +1t [7 + (E) +M2:|

1/2
19,11 [23,44\2
=2344+ 13,3 |:T + (ﬁ) + 20,72:|

= 100,3 mm use minimum.

An alternative yield length (cl 6.5, Eq. (6.10), EN 1993-1-5 (2003))

ly = 5+ 2t5[1 + (my +m2)'/?]
= 23,44 4+ 2 x 13,3[1 + (19,11 + 20,72)'/?] = 217,9 mm.

Factor (cl 6.4, Eq. (6.4), EN 1993-1-5 (2003))

1/2 1/2
oo <lytwfyw) / _ (100,3 x 8 X 275) ”_ 0.647

For 526,7E3
Reduction factor (cl 6.4, Eq. (6.3), EN 1993-1-5 (2003))
05 05
222 0773
= T 0647

The effective length (cl 6.2, Eq. (6.2), EN 1993-1-5 (2003))
Legt = xrly = 0,773 x 100,3 = 77,53 < hy, = 428,1 mm.

Check self-weight of steel beam = 60/3,75 = 16 < 20 kg/m? assumed in loading calcu-

lations, acceptable.

EXAMPLE 4.12  Support for a conveyor. Part of the support for a conveyor consists
of a pair of identical beams as shown in Fig. 4.28. Each beam is connected to a stanchion
at end A by a cleat and is supported on a cross beam at D by bolting through the
connecting flanges. Lateral restraint is provided by transverse beams at A, B and E

connected to rigid supports. The loads shown are at the ultimate limit state.
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450 kN

203 x 203 x 46 kg UC

150 kN

:
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150 x 75 x 10 mm angle
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N
N
3
=
Z
15

‘ 533 x210 x 101 kg UB

2m 3m 3m

| I
Bending moment (kNm)

|
|
|
825 :
|

75 150—|

375 Shear force (kN)

FIGURE 4.28 Example: support for a conveyor

Assuming pin joints at A and D.

Reactions are determined by taking moments about A, then about D.

2% 22545 x 450 + 10 x 150

Rp = 3 = 525kN
22 450 -2 x1
RA=6X 5—|—3x850 X 50=3OOkN

Important bending moments are

Mg = Ra x 2 =300 x 2 = 600 kNm
Mc = Rp x5 —225x3 =300 x5 — 225 x 3 = 825kNm
Mp = —150 x 2 = —300 kNm

The shear force and bending moment diagrams at the ultimate limit state are shown
in Fig. 4.28.
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Using Grade S355 steel with a characteristic strength f, = 355 MPa. The plastic section

modulus required
Mma  825E6 5
W, = = = 2,56E6 .
Y e 35511 oo

Deflection limits (Table 4.1), L/250, L /h =17, hence h =8E3/17 =470 mm.

From Section Tables try 533 x 210 x 101 kg UB, a Class 1 section,
Woy =2,619E6 mm?, t; = 17,4 mm, t,, = 10,9 mm, 4, = 6250 mm?2, d = 476,5 mm.
Check deflections at service load

Using area and area moment methods the deflections due to the imposed loads at
service loads are:

mid-span in ABCD 11,3 mm (downwards)
end of cantilever DE —6,5 mm (upwards)

Deflection limits (Table 4.1)

L 8E3 .
span ABCD = 250 = 250 = 32 > 11,3 mm satisfactory.
2L 2 x2E3
DE=— = =1 isf .
span 250 250 6 > 6,5 mm satisfactory

Check web shear resistance between C and D at the ultimate limit state.

Design shear force Vgg = 375 kN.

Au(/3'7)
™
6240 x (355/31/2)
T 11xIE3
= 1163 > 375kN satisfactory.

Plastic shear resistance Vp rg =

Shear area (cl 6.2.6, EN 1993-1-1 (2005))
Ay =A —2bty + (tw + 2r)tg
=129,3 x 100 — 2 x 210,1 x 17,4 4+ (10,9 + 2 x 12,7) x 17,4
= 6250 mm? or obtain a value from Section Tables.

VEd/VpL,rd =375/1163=0,322 < 0,5 therefore no reduction in the plastic section
modulus (cl 6.2.8, EN 1993-1-1 (2005)).

Check for buckling of web (Table 5.2 (sheet 1), EN 1993-1-1 (2005))

c 476,5
— = — —=43,7
tw 10,9 ’
235\ /2 235\!/2
T2 =172 <—) =72 (—) = 58,6 > 43,7 satisfactory.
y 355
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Check flange buckling (Table 5.2 (sheet 2), EN 1993-1-1 (2005))
¢ [B—-tw)/2—r] [(210,1 —10,9)/2 —12,7]

= =499
tr tt 17,4
235\ /2 235\1/2
9¢ =9 x <7> =9 x (ﬁ) = 7,32 > 4,99 satisfactory.

This is a Class 1 section and calculations can be reduced by using Section Tables.

Assuming a 150 x 75 x 10 mm angle support at A at the end of the beam (Fig. 4.26) the
transverse shear buckling strength (c1 6.2, Eq. (6.1), EN 1993-1-5 (2003)) is determined
as shown previously in Example 4.11.

At D (Fig. 4.28) two UBs intersect which have the following dimensions.

From Section Tables the 533 x 210 x 101kg upper load carrying beam ABCDE.
h=536,7mm, bt =210,1 mm, hy = (h —2tr)=(536,7—2 x 17,4) =501,9 mm,
tr =17,4mm, t\, = 10,9 mm, r = 12,7 mm.

From Section Tables the 610 x 229 x 140 kg lower support beam at D.
h=617Tmm, br=230,1mm, hy=("—-2t)=(617—-2x221)=5728mm, t=
22,1 mm, ty, =13,1 mm, r = 12,7 mm.

The transverse shear buckling strength of the upper 533 x 210 x 101 kg load carrying
beam (cl 6.2, Eq. (6.1), EN 1993-1-5 (2003)).

_ fywLetitw 355 x 501,9 x 10,9

Y 1,0 x 1E3

= 1942 > Rp = 525 kN satisfactory no stiffener required.

Frq

The previous calculation for Fry includes the effective bearing length (Lest) which is
calculated as follows:

The stiff bearing length (cl 6.3, Fig. 6.2, EN 1993-1-5 (2003)), provided by the flange
and web of the lower 610 x 229 x 140 UB
ss = 2t + ty + (2 — 2%,
=2x221413,1+4 (2 —2"?) x 12,7 = 64,74 < hy, = 501,9 mm

Buckling co-efficient for the load application (cl 6.1(4), Type (a), EN 1993-1-5 (2003))
assuming a is large

2
o2t <o

a
Force (cl 6.4, Eq. (6.5), EN 1993-1-5 (2003))

0,9kpEfy, 0,9 x 6 x 210E3 x 10,9°

For = -
°r hy 501,9 x 1E3

= 2926 kN
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The dimensionless parameters (cl 6.5, Eq. (6.8), EN 1993-1-5 (2003))

 fubs 355 % 210,1

- - = 19,28
futw  355x109

mi

and (cl 6.5, Eq. (6.9), EN 1993-1-5 (2003))

hy \? 501,92
=002(X) =002(222) = 16,64
my = 0,0 (q) 0,0 (17’ 4) 6,6

Yield length (cl 6.5, Eq. (6.10), EN 1993-1-5 (2003))

ly = s5 + 2te[1 + (my1 +m2)"/?]
= 64,74 + 2 x 17,4[1 + (19,28 + 16,64)'/?] = 308,1 mm

Factor (cl 6.4, Eq. (6.4), EN 1993-1-5 (2003))

3 Lty 1/2 1/2
T = < y fyw> _ (308,1 x 10,9 x 355) — 0,638

For 2926E3
Reduction factor (cl 6.4, Eq. (6.3), EN 1993-1-5 (2003))
05 05
2P o784 <1
X e T 0,638 <

The effective length (cl 6.2, Eq. (6.2), EN 1993-1-5 (2003))
Lett = xrly = 0,784 x 308,1 = 241,6 < hy, = 501,9 mm

Similar calculations are required for the web buckling strength of the upper
533 x 210 x 101 kg UB at B, C and E.

Stiffeners are not required for the 533 x 210 x 101 kg UB but in the past many design-
ers have inserted them where large point loads are applied. Assuming that one
is required at D(Rp =525kN) the following calculations are required. Assume a
symmetrical stiffener of 10 mm thickness welded to the web and the flanges.

The non-dimensional slenderness ratio of the stiffener (Eq. (6.50), EN 1993-1-1
(2005))

A = (A_fy>1/2 ~ (La/iy) x1
i Ner B A

(0,75 x 572,8/15E3) x 1

T 93,9 x (235/355)1/2]

= 0,375E-3

assuming a stiffener on both sides of the web, breadth of stiffener

bs = bt — ty — 2 (weld leg) = 210,1 — 10,9 — 2 x 6 = 187,2 (use 180) mm
i, = bst3 /12 = 180 x 10%/12 = 15E3mm*
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FIGURE 4.29 Example: two span beam

From Fig. 6.4, EN 1993-1-1 (2005) (buckling curve c) with A, = 0,375E-3 the reduction
factor x, = 1,0 and the design buckling resistance

xzAfy 1,0 x 180 x 10 x 355
M 1,1 x 1E3
= 581 > Rp = 525kN satisfactory.

NpRrd =

The design resistance of four vertical 6 mm fillet welds connecting the stiffener to both
sides of the web (cl 4.5.3.3(3), Eq. (4.4), EN 1993-1-8 (2005))

Fyyra = 4hw fu/ (3" Byaz) x 0,7a
=4 x572,8 x 510/(3"% x 0,9 x 1,25) x 0,7 x 6/1E3
= 2519 > Rp = 525kN satisfactory.

EXAMPLE 4.13  Two span beam. Determine the size of Universal Beam required
to support the design loads at the ultimate limit state as shown in Fig. 4.29. Assume
that the compression flange is fully restrained and that lateral torsional buckling does
not occur.
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Plastic analysis of the beam produces the following.
Collapse of span AB considered as a propped cantilever
My = (15— v2) qL? = (15— v2) 42,5 x 112 = 441 KNm.
Collapse of span BC with plastic hinges assumed to be at E and B (Fig. 4.29)

External work = internal work

Q(%) 01+ Q (%) % +q (%) (%) 0 +q (%) (%) 02
= Myi(61 + 61 + 62) (@)

and from geometry

2L L
<?> 01 = (g) 6>, hence 0, = 20; (ii)

Combining eqs (i) and (ii) and rearranging

QL gL?> 85x9 425x9?
My ===y — 4781 kN
W=t i T LM

This value of My, is the greater than the value for span AB and therefore is used to
determine the size of a section which is continuous for two spans. The assumption
that a plastic hinge is at E is not correct, it actually occurs at 3,25m from C and
M, =479,1 kNm. However the error is small and is ignored.

Used Grade S355 steel and assuming a characteristic strength f, = 355 MPa the plastic
section modulus required

Mmax _ 478,1E6
filma  355/10
From Section Tables try 457 x 191 x 67kg UB which is a Class 1 section bending

about the y-y axis, Wy, =1,471E6 mm?, tf=12,7mm, t, =8,5mm, 4, =4100 mm?,
d =407,8 mm, by = 189,9 mm.

Wy = = 1,347E6 mm’

Check deflections at service load.

Using area and area moment methods the deflections due to the imposed load are
20,7 mm for AB and 25 mm for BC.

Deflection limit (Table 4.1)

L 11E3
ABiS — = —— =44 > 2 isf;
is 250 250 > 20,7 mm, satisfactory
L 9E3
BCis — = —— = 36 > 25 mm, satisfactory.

250 250
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Sketch the shear force diagram (Fig. 4.29) at the ultimate limit state for the collapse
of span BC.

For EC

E )+ 47814425x3x 1,5-3Rc =0 hence Rc = 223,1kN

For AB
42,5 x 11 x 11
B)+478,1 — % +11RA =0 hence Ra = 190,3kN
For ABC

?+Ra+Rg+Rc—) gL—) Q=0
+190,3 + Rg +223,1 —42,5x 20 — 2 x 85 =0 hence Rg = 606,6 kN

Check web shear resistance at B at the ultimate limit state.
Design shear force

VEq = 329,4kN (Fig. 4.29)
Design plastic shear resistance

Ay, Ay(fy,/3'%) 4100 x (355/31/2)
w  w LOxIE3
= 840 > 329,4 kN satisfactory.

VolRd =

VEd/VpL,rd =329,4/840= 0,392 < 0,5 therefore no reduction in the plastic section
modulus (cl 6.2.8, EN 1993-1-1 (2005)).

Check for buckling of the web (Table 5.2 (sheet 1), EN 1993-1-1 (2005))

c 4079
=07 480
tw 8,5 ’
235\ /2 235\ /2
e=72(==) =72(==) =58,6> 48,0 satisfactory.
£ 355

Check flange buckling (Table 5.2 (sheet 2), EN 1993-1-1 (2005))

¢ _[B-t)/2-r] _[(1899-85)/2-102] _ ..
1t - tt B 12,7 -

235\ /2 235\ /2
9¢ =9 x <f_) =9x (é) = 7,32 > 6,33 satisfactory.

y

This is a Class 1 section and calculations can be reduced by using Section Tables.
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A continuous 457 x 191 x 67kg UB can be used for both spans. Alternatively if a
minimum weight design is required then:

(a) A smaller section could be used for span AB but there would have to a splice
which would increase fabrication costs.

(b) A smaller section could be used for span AB, with flange plates added to increase
the moment of resistance for span BC, but again this would increase fabrication
costs.

Calculations, similar to Example 4.12, are required for the web buckling strength of
the 457 x 191 x 67kgUB at A, B, and C.
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chapier O / Laterally Unrestrained

Beams

In the previous chapter it was assumed that the compression flange of a beam was fully
restrained, that is, the flange is unable to move laterally under the effect of loads or
actions. In practice, this is rarely the case and although compression flanges may be
restrained at discrete points the flange is still capable of buckling between restraints.
Such buckling reduces the moment capacity of the member.

5.1 LATERAL TORSIONAL BUCKLING OF ROLLED SECTIONS SYMMETRIC
ABOUT BOTH AXES

5.1.1 Basie Theory

A beam under the action of flexure alone due to the application of point moments
producing single curvature is considered as the basic case. The supports allow rotation
about a vertical axis but do not allow relative displacement of the top and bottom
flanges, that is, twisting is not allowed (Fig. 5.1).

The governing equation for flexure about the minor axis is

d*v

where EI, is the flexural rigidity about the minor axis.

The governing equation for torsion is given by

de d3¢ dv
Gli— —Ely— =M— 52
fae TV dx (52)

where Gl is the torsional rigidity, EI,, the warping rigidity and the final term is the

disturbing torque.

Eliminate the term dv/dx between Eqs (5.1) and (5.2) to give

& 4 M>
E‘f—EIW o_ M, (5.3)

GI bl
! it EL
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M pins Pins M

(a) Elevation of beam loaded in single curvature

Unbuckled position

Buckled position )
(b) Support arrangement with ¢ = d—d; =0
dx

R
-

¢ of unbuckled

Beam ¢ after beam
buckling

—
—

(c) Plan view of buckled beam

Buckled position

Original position I:‘

(d) Section

FIGURE 5.1 Lateral torsional buckling of beams
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The solution to Eq. (5.3) is given by the first term of a sine series

¢ = gosin - (5.4)

where ¢y is the angle of twist at mid-span.

Substituting Eq. (5.4) into Eq. (5.3) with the boundary condition that ¢ =0 atx=L
gives the elastic critical moment M as

72EL | I, L2GI, 12
My = 7 [E anlz} (5.5)
or
7ELGI, 72El, 12
Mer = —F— [l + m} (56)

The full derivation of the elastic critical moment is given in Kirby and Nethercot (1979)
or Trahair and Bradford (1988).

In practice, real beams do not achieve full elastic buckling except at very high slen-
derness ratios and are also subject to the limit imposed by the section plastic capacity.
Reductions in elastic buckling capacity are caused by the existence of residual stresses
and any lack of initial straightness. The residual stresses within the section arise in
the case of rolled sections due to differential rates of cooling in the web and flanges
after hot rolling, and of plate girders due to both the preparation of the web and
flange plates and the welding procedure (Nethercot, 1974a). These residual stresses
do not affect the plastic capacity (Nethercot, 1974b; Kirby and Nethercot, 1979). The
value of the critical moment given by Eq. (5.5) or (5.6) takes no account of major
axis flexure. Trahair and Bradford (1988) indicate the critical moment obtained from
Eq. (5.5) or (5.6) should be divided by a factor K where K is given by

EIL Gl 72El,
K= /|l1-=—/)1-—|1 .
\/ ( E1y> < El, [ oL S
In practice for I or H sections GI; /Ely[l + 72EI, /GIth] is negligible compared to
unity and thus K may be taken as

EI I
K= [1-="2=/1-2% (5.8)
EI, I

For British Universal Beams the value of K is between 0,94 and 0,97 thus increasing

M., by around 3% to 6%. This enhancement may therefore be neglected for Universal
Beams. For Universal Columns, however, K is between 0,80 and 0,83, thus increasing
M, by around 17% to 20%, and should therefore possibly be taken into account.
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Full plastic action . )
1.0 Hmmm—mm—mm—— = . Elastic buckling curve (Eq.(5.5) or

N Eq.(5.6))

'~ N Perfect beam

= 0.5 Design curve

(Lower bound to
experimental results)

| | | |
0 0.4 0.8 1.2 1.6

My, 2
Effective slenderness | ——

cr

FIGURE 5.2 Beam behaviour with lateral torsional buckling

5.1.2 Interaction between Plastic Moment Capacity, Elastic
Critical Moment and Allowable Bending Moment

If the results for beam strength against effective slenderness are plotted in non-
dimensional format the results appear as in Fig. 5.2. The performance of beams is
reduced below the perfect conditions due to the residual stresses and initial imper-
fections. A convenient lower bound to test data is given by a Perry—Robertson type
approach to modelling the interaction. The imperfection co-efficient makes allowance
both for geometric imperfections and residual stress levels. It should be noted that
unlike columns there is no theoretical justification for such an approach.

5.1.2.1 Design Interaction between Buckling and Plasticity
For any type of beam, the interaction equation is given by

(My,rd — Mcr)(My,rd — MpL,Rd) = NLTMccMp Rd (5.9)
where nr is the imperfection factor for lateral torsional buckling.

Equation (5.9) may be written in a normalized form to give

My ra M, My ra M MpRrd
— —1)=nr (5.10)
Mpira Mpira /) \MpiRd M1, rd MpiRd

It is convenient to define two parameters xr T and AL T given as

XLT = 7—— (5.11)
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TABLE 5.1 Values of apr for the generalized lateral
torsional buckling case.

Cross section Size limits (h/b) anr
Rolled I sections <2 0.21
>2 0,34
Welded I sections <2 0,49
>2 0,76
Other cross-sections 0,76
- Mpira]"?
AT = [ L 5.12
Mo (5.12)

Equation (5.10) then becomes
XLT

(xcr — D(xcr — (oer)?) = ner )’ (5.13)

The solution to which is given by
1

XLT = S [q)%T Z G (5.14)
where ®r7 is given by

®rr = 0,5[1 + ner + (rr)’] (5.15)
with nr given as

nur = arr(Arr — 0,2) (5.16)

The values of oy T are dependant upon the type of section and whether rolled or welded.
The appropriate values are given in Table 5.1 (cl 6.3. 2.1. EN 1993-1-1)

In design, full plastic moment capacity may be mobilized when Art is less than XLT,O
which may be taken as 0,4 or when Mgq/M < (XLT,O)Z.

5.1.2.2 Rolled Sections and Equivalent Welded Sections (cl 6.3.2.3
EN 1993-1-1)

For rolled sections and welded sections which are by implication symmetric, an
alternative formulation of the interaction formula may be used,

1

XLT = = (5.17)
Orr + [Py — B(her)?]!/2
where &r is given by
®rr = 0,5[1 + nrr + BGrr)?] (5.18)

with nrr as

nur = arr (ALt — ALT,0) (5.19)
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TABLE 5.2 Values of oy for lateral torsional buckling
of rolled and welded sections.

Cross section Size limits (h/b) oy
Rolled I sections <2 0.34
>2 0,49
Welded I sections <2 0,49
>2 0,76

The parameter yrr is subject to the limits ;1 < 1,0 and < (XLT)z. The code recom-
mends that the maximum value of XLT,O should be 0,4 and the minimum value of 8
as 0,75. The UK National Annex will adopt these values but will effectively specify
the approach should be limited to rolled sections, and that, therefore, the generalized
method must be used for welded sections.

Again the values of o1 T are dependant upon the type of section and whether rolled or
welded. The appropriate values are given in Table 5.2.

Additionally, if this method is used, then the calculation of My, rq needs modifying by
using a factor xpr mod instead of yrr where

XLT

XLT,mod = —— (5.20)
f
The factor f is given by
f=1-051—k)[1—200(r —0,8)*] < 1,0 (5.21)

The factor k. is determined from the type of loading.

For loading only at points of restraint,
_ 1
1,33 -0,33y

where v is the ratio between the moments at restraint points subject to the condition

ke (5.22)

that —1 < < 1. For loading between restraints values of k. are given in Table 6.6 of
EN 1993-1-1. The additional factor is due to the critical moment being determined
elastically but failure will be by generation of plasticity not necessarily at the point of
maximum deflection for buckling.

5.1.2.3 Simplified Assessment Methods for Building Structures
(cl 6.3.2.4 EN 1993-1-1)

If there are discrete restraints to the compression flange, then lateral torsional buck-
ling will not occur if the length L. between restraints or the resultant slenderness A¢
satisfies the following equation
- kile - M,
)Lf _ .c c _ )Lc,U ¢,Rd
ifz A1 M, Eq

(5.23)
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where M. rq is the flexural capacity of the section, k¢ is the factor to correct for
moment gradient, ir, is the radius of gyration of the effective compression flange
which comprises the actual compression flange together with one-third of the part
of the web which is in compression and 1, is given by 93,9(235/]@)1/ 2 and Xc,o is the
normalized slenderness ratio of the effective compression flange.

5.1.2.4 Modifications Dependant upon Section Classification
(cl 6.3.2.1 (3) EN 1993-1-1)

For sections other than Classes 1 and 2, a further modification is required as for
Class 3 sections the capacity is based on the elastic section modulus, and Class 4 an
effective section modulus is used. The modification is made by defining the flexural
capacity as W, f, for Class 3 and Weg,f, for Class 4. Also the buckling capacity
My rq is defined as xprWpiyfy/ym1 for Class 1 or Class 2, xprWeyyfy/ymi for Class 3,
XLTWeffyfy/yMl for Class 4.

Having established the basic determination of the allowable moment capacity, Mp rd,
two additional modifications due to varying support conditions and non-uniform
flexural loading need to be examined.

5.1.3 Effect of Support Conditions

If the beam has a rotational end restraint of R (where R takes a value of 0 for no
restraint and 1 for full restraint), then the effective length kL is given by Eq. (5.24)
(Trahair and Bradford, 1988).

R b4 b4
m = _ﬂ cot ﬂ (5.24)

With a little loss in accuracy Eq. (5.24) can be written as
k=1-0,5R (5.25)

Both Eqgs (5.24) and (5.25) are plotted in Fig. 5.3. The results from Eq. (5.25) represent
ideal conditions therefore in practice the values of kL. used are higher at more complete
fixity as absolute rigid joints do not exist.

Pillinger (1988) gave some indications of the relationship between practical end con-
ditions and effective lengths. Figure 5.4 gives typical end conditions in terms of
connection type and degree of restraint.

For beams the effective length L between restraints can be taken as lying between 0,7
and 1,0 times the actual length with the lower factor implying full rotational restraint
to both flanges and the higher factor with both flanges free to rotate in plan. If the rota-
tional restraint parameter R can be assessed, then Eq. (5.25) can be modified to give

k=1-03R (5.26)
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FIGURE 5.3 Values of effective length factor (k)

The values of kL for beams should be increased by 20% for destabilizing loads (BS
5950-1: Part 1 namely 1990 and 2000).

For cantilevers the situation can be more complex as the effective length will depend
on both the restraint at the encastré end and at the tip. Table 5.3 (from BS 5950-1
(2000)) gives suitable values. It should be noted that when the loading is destabilizing
the effective length factors can be extremely high. Guidance is also given in Nethercot
and Lawson (1992).

Although it was suggested that for beams it is generally conservative to take the actual
length, this may not be appropriate where the beam is supported solely on its bottom
flange with no web or top flange restraint (Fig. 5.5). This type of situation will produce
low lateral torsion buckling resistance, and Bradford (1989) suggests that in this case
the system length L should be taken as,

b
hs () [ 1+ 7
L=1+a—|— — 5.27
te 6 (tf ) 2 ( )
where the beam is under a moment gradient, or
b
hs (tw W21+ hs
L=1410—(— : 5.28
* 6 <tf) 2 (5-28)

under a central point load.
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Beam
compression
9 flange free
to rotate

on plan

(a) Thin end plate to web only

Beam

= compression
flange free
to rotate

on plan

(c) Web cleats bolted to beam

restraint to beam

i TL Full torsional end

(e) Full depth end plate welded to web

and flange
|| %

L~ " 1 Full torsional
IV Ai restraint.

No rotation of

compression flange

(g) Full end stiffener

Stability cleat
/

i Full
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to beam
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i

(b) Bottom flange cleat

-

' Compression
- — flange free
re=ie “:{’ SET =" Tto rotate.
- No torsional
| | restraint

(d) Flange bolted to padstone

%Compression
flange rotation
reduced.

Torsional end
A restraint

(f) Flange bolted to padstone, web stiffener

FIGURE 5.4 Typical connection and support detail

In both cases 1 is the span, &g the distance between the centroids of the flanges, b the
flange width and # and ¢ the thickness of the flange and web respectively, and « is

given by

o =4+ Ty +4y?

where v is the ratio of the end moments.

5.1.4 Intermediate Restraints

(5.29)

Consider the beam in Fig. 5.6 but with a spring restraints giving a horizontal restraint
stiffness of «; (force/per unit displacement) and rotational restraint stiffness of oy



TABLE 5.3 Effective length Ly, for cantilevers without intermediate restraint.

Restraint conditions Loading conditions
At support At tip Normal Destabilizing
(a) Continuous, with lateral (1) Free 3.0L 7.5L
restraint to top flange (2) Lateral restraint to  2.7L 7.5L
top flange
(3) Torsional restraint  2.4L 4.5L
(4) Lateral and 21L 3.0L

torsional restraint

(b) Continuous, with partial (1) Free 2.0L 5.0L
torsional restraint (2) Lateral restraint to  1.8L 5.0L
top flange
(3) Torsional restraint  1.6L 3.0L
(4) Lateral and 1.4L 2.4L
torsional restraint
L
(¢) Continuous, with lateral (1) Free 1.0L 2.5L
and torsional restraint (2) Lateral restraint to  0.9L 2.5L
top flange
(3) Torsional restraint  0.8L 1.5L
(4) Lateral and 0.7L 1.2L
torsional restraint
L
(d) Restrained laterally, (1) Free 0.8L 1.4L
torsionally and against ~ (2) Lateral restraint to  0.7L 1.4L
rotation on plan top flange
(3) Torsional restraint  0.6L 0.6L

(4) Lateral and 0.5L 0.5L

torsional restraint

Tip restraint conditions

(2) Lateral restraint to  (3) Torsional restraint (4) Lateral and torsional
top flange restraint

(not braced on plan) (braced on planin at  (not braced on plan) (braced on plan in at least
least one bay) one bay)

Source: BS 5950 Part 1:2000
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FIGURE 5.5 Beam supported on bottom flange with no restraint to top flange

at mid-span (Fig 5.6(a)) at a height of bs above the centroidal axis. It can be shown
(Mutton and Trahair, 1973) that the elastic critical moment is given